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Foreword

The Design of Pile Foundations in Liquefiable Soils provides a
systematic evaluation of the effects of liquefaction on pile foundations
and includes earthquake observations, research findings, and design
principles and procedures from a variety of sources worldwide. The book
provides a logical framework for understanding the basics of single pile
and pile group design, liquefaction, and the effects of earthquake loading
and liquefaction on the axial and lateral loads transmitted to pile
foundations. It also provides a framework for understanding the effects
that loss of bearing and lateral restraint in saturated sandy soils subject to
cyclic loading have on the capacity of pile foundations. By combining
earthquake loading in liquefiable soils with mechanisms that reduce pile
capacity, the book develops a rational process for quantifying loads and
capacity reduction into a design process.

Pile response to earthquakes and liquefaction involves complex
material behavior in terms of increased pore pressure and reduced soil
strength and stiffness, complex mass behavior of the ground in terms of
kinematic loading, complex performance of the superstructure in terms
of inertial loads transmitted to the piles, and complex interaction between
the soil and pile foundation. This book provides a valuable guide for
students, researchers, and designers in navigating these complexities.

Chapter 1 focuses on the performance of pile foundations with a
review of factors contributing to axial pile capacity, performance-based
design principles for piles subject to earthquakes, and the observed
performance of pile foundations during previous earthquakes. Chapter 2
reviews inertial and kinematic loading, and presents the essentials of p-y
analysis and limit equilibrium methods to estimate the maximum shear
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viii Design of Pile Foundations in Liquefiable Soils

and moment in piles in laterally spreading soils. Chapter 3 covers factors
affecting the axial loading of piles in liquefiable soils, including
reduction in end-bearing capacity due to elevated pore pressures and the
potential for beam buckling associated with the loss of lateral restraint in
liquefying soils. Chapter 4 focuses on lateral spreading in liquefied soils,
including empirical methods for estimating lateral spread movement,
soil-pile interaction in liquefied soil, and limiting lateral earth pressures
for pile design. Chapter 5 evaluates combined axial and lateral pile
loading effects in laterally spreading ground with a treatment of single
pile and pile group behaviour and the use of interaction diagrams to
analyse pile performance when multiple failure mechanisms are possible.
Chapter 6 provides a substantial number of design examples to illustrate
the design procedures developed in the book.

The Design of Pile Foundations in Liquefiable Soils also
demonstrates the importance of centrifuge testing to identify and
quantify key failure mechanisms associated with complex soil-structure
interaction. The combined use of careful field observations, centrifuge
experiments and fundamental mechanics to develop analytical
procedures and a structured design process is well illustrated by this
book. The provision of design examples is a particularly attractive
feature. The worked examples show explicitly how to apply the design
process, and provide an indispensible link between theory and practice.

The Design of Pile Foundations in Liquefiable Soils provides
substantial forward progress in conceptualising and formalising the
analytical and design treatment of the truly complex, and sometimes
vexing, phenomena associated with pile response to earthquake loading
and liquefaction. For those interested in liquefaction, liquefaction-
induced soil-structure interaction, pile design, and centrifuge testing, this
book will be a valuable and frequently used addition to their technical
library.

T.D. O’Rourke
Thomas R. Briggs Professor of Engineering
School of Civil and Environmental Engineering
Cornell University
Ithaca, NY USA
12 April 2009



Preface

Pile foundations are widely used both onshore and offshore to transfer
superstructure loads into the ground. In seismic regions there is
uncertainty regarding their performance, particularly when the soil strata
that the piles pass through or bear on are susceptible to liquefaction. This
book aims to clarify the mechanisms by which pile foundations may fail
when the soil suffers liquefaction. In addition, the problem of down slope
movement of nonliquefied ground that overlies liquefied layers and its
effect on pile foundations is considered. One of the key factors to
remember is that the pile foundations are often carrying substantial axial
loads from the superstructure at the time of the earthquake. It is therefore
imperative to consider the pile behaviour in liquefiable soils when they
are subjected to both axial and lateral loads. This can have consequences
for pile behaviour such as sudden and catastrophic buckling instability or
excessive and unwarranted settlements.

This book is organised into six chapters. It aims to marry the most
recent research findings on pile behaviour to the needs of practical
designs in seismic regions. Accordingly, it is intended to be used by
graduate students and researchers interested in pile foundation design, as
well as geotechnical practitioners faced with the problem of designing or
assessing the seismic risk to existing pile foundations in regions with
liquefiable soils.

Chapter 1 introduces the static design of piles using traditional or
CPT-based methods. It looks at the performance of piles in past
carthquakes through some well-documented case studies. The concepts
of performance design and the importance of estimating deformations of
pile foundations are highlighted.

ix
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Chiapter 2 deals with the inertial and kinematic loads attracted by pile
foundations during earthquake loading. These are considered initially for
normal ground and later on in liquefiable soils. Limit equilibrium-based
methods are introduced to estimate the loading due to laterally spreading
nonliquefied layers.

Chapter 3 introduces liquefaction as a foundation hazard and
discusses how the consequent loss of soil strength influences the axial
load that can be safely carried by pile foundations. Possible axial failure
modes including liquefaction-induced bearing capacity failure and
instability (buckling) are discussed in relation to the static considerations
outlined in Chapter 1.

Chapter 4 discusses the lateral spreading of sloping ground and the
particular problems that arise when pile foundations pass through such
laterally spreading ground. Recent research experiences are presented
and compared with current codal provisions.

Chapter 5 brings together the material in Chapters 2 to 4 in
considering the design of pile foundations against combinations of
transient seismic loads (Chapter 2), axial load (Chapter 3) and kinematic
forces due to lateral spreading (Chapter 4).

Chapter 6 presents a series of design examples to demonstrate how
the methods outlined in Chapters 1 to 5 may be combined within an
inclusive design method.

Finally, the authors would like to thank Professor Tom D. O’Rourke
of Cornell University, USA and the 49™ Rankine Lecturer, for writing
the foreword. Similarly the authors would like to acknowledge the help
and support of many researchers at the Schofield Centre who shared in
the enthusiasm of understanding the complex problems of soil
liquefaction and earthquake geotechnical engineering. Particular mention
must be made of the excellent support received from the technical staff
during many an experimental project. In fact, it is the excellent research
atmosphere at the Centre of freely sharing knowledge and technical
know-how that makes work a pleasure and made this book possible.
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Chapter 1

Performance of Pile Foundations

1.1 Introduction

Pile foundations are the most popular form of deep foundations used for
both onshore and offshore structures. They are often used to transfer
large loads from the superstructure into deeper, competent soil layers
particularly when the structure is to be located on shallow, weak soil
layers. There are many ways by which pile foundations can be classified.
For example, by material (steel or reinforced concrete piles) or by
method of installation (driven, jacked or bored piles). Pile foundations
can be classified based on their functionality and the mechanism by
which they carry the load as shown schematically in Fig. 1.1 and
described below:

End bearing piles: the superstructure load is transferred through
water or weaker soils onto a competent bearing stratum by
means of pile tip resistance (Fig. 1.1a).

Friction piles: the superstructure load is transferred into the soil
through the frictional resistance generated along the shaft of the
pile. Sometimes this type of piles are called floating piles as their
end bearing may be neglected (Fig. 1.1b).

Compaction piles: piles driven into loose, granular soils to make
the soil more dense by displacing it. Normally such piles are not
used for load carrying purposes and may simply involve driving
a steel tube into the ground that is withdrawn while replacing the
tubular volume with granular material to form a ‘sand pile’
(Fig. 1.1¢).

Tension piles: piles that are employed to resist pull-out forces
either in the vertical or inclined directions. Such piles are often
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used where the superstructure is expected to experience lateral
forces either due to earthquake or wind action (Fig. 1.1d) or in
the case of offshore foundations where the piles are used to
anchor tethers, cables etc (Fig. 1.1e).
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Fig. 1.1 Classification of pile foundations.

In this book the primary emphasis is on the design of pile foundations
subjected to earthquake loading. Therefore, the focus will be on the pile
foundations in saturated, granular soils that are vulnerable due to
liquefaction. There are many case histories that show pile foundations
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that suffer severe damage or fail completely when the ground
surrounding the pile liquefies. This aspect will be explained in sections
1.3 and 1.5 by considering in detail some case histories on poor
performance of pile foundations following liquefaction.

1.1.1 Axial capacity of a single pile

For a single pile, the axial load carrying capacity can be written from
vertical equilibrium considerations as

0.0, +0, (L1

where @, — axial capacity of the pile, O, — base resistance at the pile tip
and Q, — shaft friction of the pile. In general terms, the base resistance Q,
can be calculated as

0,=4,0,(N,-1) (1.2)

where A, — base area of the pile, o, — effective overburden pressure at
the pile tip level and N, — bearing capacity factor that can be estimated
using Fig. 1.2 below following Berezantsev ef al. (1961), based on the
angle of shearing resistance of the soil.

1000
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8
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Fig. 1.2 Bearing capacity factor N, for deep foundations. (Berezantzev et al., 1961).
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The shaft capacity may be obtained by estimating the shear stress
generated along the shaft which can be calculated as

1, =K, J tand,, (1.3)

where K, — is a earth pressure coefficient, o', — is effective vertical
stress at a given elevation and &, — friction angle between the pile
material and the soil. K, depends on type of pile and installation method
(driven or cast in situ piles). Broms (1966) related the values of K;and &,
to the angle of shearing resistance of the soil ¢’ as shown in Table 1.1.

In order to obtain the shaft capacity due to skin friction, the shear
stress must be integrated over the surface area of the pile using the
following equation,

0, =2mrx [, (1.4)

where r is the pile radius and L is the length of the pile.

Table 1.1 Values of earth pressure coefficient K, and pile-soil friction angle 3.
(Broms, 1966).

K
Pile Material By Low relative density High relative density
Steel 20° 0.5 1.0
Concrete 0.75 ¢ 1.0 2.0

Wood 0.66 ¢’ 1.5 4.0
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1.1.2 Pile capacity based on CPT testing

It is a common practice to estimate the axial capacity of a pile based on
the cone resistance obtained from the standard cone penetration tests
(CPTs) carried out as part of the site investigation. In his Rankine
Lecture, Randolph summarised the design of pile foundations in
cohesive and granular soils based on state-of-the-art methods. (Randolph,
2003). With regard to piles in granular soils, Eqs. 1.2 and 1.4 suggest an
increase in the axial capacity of the pile with increasing depth of
penetration. However, it is well recognised in the literature that both the
base resistance and shaft friction reach limiting values at some ‘critical
depth’ of penetration. The critical depth may be expressed in absolute
terms or be normalised by the pile diameter. (Vesic 1967, 1970; Coyle
and Castello, 1981).

The base resistance may reach a limiting value for two reasons.
Firstly the angle of shearing resistance may decrease with increasing
stress level, i.e. with increasing depth of pile penetration. For example,
following Bolton (1986), the angle of shearing resistance will depend on
the critical state friction angle and the angle of dilatancy. Although the
critical state friction angle remains constant, with increasing stress level
the angle of dilatancy can become smaller thereby leading to a reduced
angle of shearing resistance. Cheng (2004) modified the Berezantzev et
al. method to account for the angle of dilatancy determined following the
work of Bolton (1986).

The second reason for a reduction in base resistance at greater depths
of pile penetration is the nonlinear relationship between stiffness and
stress. Both these factors suggest that the base resistance may reach a
limiting value. Similarly the shaft friction is thought to reach a limiting
value as the normal effective stress is found to degrade owing to
installation of the pile that causes a gradual densification of the granular
material in the vicinity of the pile. More recent research (Zhao, 2008) on
installation of miniature CPTs in centrifuge models indicates that the
increase in shaft friction may be more due to the increased horizontal
stresses rather than the changes in soil density in the vicinity of the pile.
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1.1.2.1 Pile base capacity

It is logical to imagine that the mechanisms at work during the
installation of a pile are similar to those at work while driving a CPT into
the ground. However, due consideration must be given to the
displacements required to mobilise a proportion of the cone resistance
during a CPT test verses the displacements required to mobilise a portion
of the base resistance of a pile. For bored piles, Fleming (1992) suggests
the following hyperbolic relationship between end bearing pressure g,
and the base displacement w,,

w,/d
Lo o ./ (L5)
qc Wb/d+05qc/Eb

where d is the pile diameter, g. is the cone resistance and E, is the
Young’s modulus of the soil below the pile base.

For driven piles, a degree of ‘locked in’ or residual pressure gy is to
be expected at the base of the pile. Eq. 1.5 can be modified to include
this effect as follows:

f]_,z_zwb/d+0.5qbo/Eb (16)
q. w,/d+05q,/E, '

The ratio of residual pressure to cone resistance gpvg. can be
conservatively taken to have a range of 0.3-0.7.

In recent work at Imperial College, Chow (1997) analysed a database
of high-quality pile load tests and CPT tests. Based on this analysis,
Jardine and Chow (1996) suggest the following relationship between the
end bearing pressure g, and the cone penetration resistance g,

q, d
22 =1-0.5lo >0.13
qc g ( dcone J (1 7)
where d is the diameter of the pile and d,,,. is the cone diameter.

For a nominal cone diameter of 25.4 mm, Eq. 1.7 above can be used
to plot q,/q. verses pile diameter as shown in Fig. 1.3.
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a 026 05 075 1 125 15

Pile Diameter (m)

Fig. 1.3 Variation of normalised end bearing with pile diameter. (Jardine and Chow,
1996).

1.1.2.2 Shaft friction

The shaft friction of a pile driven into granular soils can be estimated at
any depth in terms of the cone resistance q. using Eq. 1.8 below, which
was derived following the MTD method developed at Imperial College
based on high-quality pile tests. (Jardine and Chow, 1996).

» 013 d 0.38
q. GVO !
=4e| Zw | |2V LAG, |tand
K {45(1&) [h) G"’} e (18)

where p, is atmospheric pressure, 'y is the effective stress at the given
depth, d is the pile diameter, 4 is the height to the soil surface, Ac'y is the
stress increase due to dilation of the sand from passage of pile tip at the
current depth to the current position of the pile and §_, is the interface
friction angle.

An alternative method for estimating the shaft friction at any depth
was suggested by Randolph et al. (1994). This method assumes that the
radial stresses around the pile decrease exponentially with radial distance
away from the surface of the pile shaft. The shear stress on the pile shaft
can be estimated using
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—uh ,
Ts = !iKmin +(Kmax _Kmin)e u4:| GVO tanscv (19)

where o'y is the effective stress at the given depth, K. is taken
proportional to the cone resistance g¢. normalised with the effective
stress, normally 1-2% of (q./ 6'vo), Kmin is taken in the range of 0.2-0.4
and p is taken as 0.05 for typical pile diameters. For large pile diameters
this value may have to be reduced suitably.

This method gives comparable results to the MTD method of Jardine
and Chow (1996) outlined in Eq. 1.8. The main difference is that the
MTD method assumes a power law for the decrease in radial stress with
increasing distance from the pile shaft while the method outlined in
Eq. 1.9 assumes an exponential decrease.

It must be pointed out that while considering the cone resistance g, at
a stratified site with soil layers of contrasting stiffness the cone resistance
may have to be weighted to reflect the weaker materials, for example
following Meyerhof and Valsangkar (1977).

1.2 Performance of Pile Foundations During Earthquake Loading

In the above section the general methodology for estimating the axial pile
capacity is presented. The basic assumption employed is that the load
applied to the pile at its head is carried by the sum of shaft resistance and
end bearing. Both end bearing and shaft resistance increase nonlinearly
with depth, i.e. the increased axial capacity of the pile below a critical
depth of penetration is rather limited. The end bearing and shaft
resistance may be estimated based on CPT tests conducted at the site as
outlined in section 1.1.2 above.

If a single pile is loaded to failure, for example during a pile load test,
then the limiting values of the end bearing and shaft resistance are fully
mobilised. However, when a pile is subjected to working loads the
proportion of end bearing compared to shaft resistance that is mobilised
may vary. This may also be a function of the method of construction
employed, for example driven or jacked-in pile versus cast in situ or
bored pile.
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The actual end bearing and shaft resistances mobilised will depend on
the displacements suffered by the pile under the working loads applied.
This suggests that geotechnical engineers need to have a good idea of the
displacements mobilised by a pile under working loads. In addition to
this the modern trend to move towards performance-based design
requires the geotechnical engineer to be able to estimate displacements
suffered by the piles under various load combinations so that the
performance criterion can be set.

Dynamic loading due to earthquakes will be superimposed onto the
working loads already acting on the pile. Therefore, when designing piles
in an earthquake-prone area a clear distinction needs to be made
regarding the expected performance of the piles. It may be a design
requirement that the pile should only suffer small displacements during a
more probable but moderate earthquake, i.e. the pile needs to perform to
meet serviceability requirements. Following the seismic design
guidelines by PIANC (2001) and the more recent ISO 23469 guidelines,
such an earthquake motion may be called a Level 1 (L1) earthquake,
which will have a probability of displacement of 50% during the design
life of the structure. On the other hand, during a less probable but
stronger earthquake the pile may be allowed to suffer more displacement
but must perform adequately to prevent total collapse of the
superstructure. Such an earthquake motion would be classed as Level 2
(L2) earthquake motion which will have a probability of displacement of
10% during the design life of the structure. On average an L1 earthquake
has a return period of about 72 years while a L2 earthquake has a return
period of about 475 years.

The performance guidelines for any geotechnical structure may be set
based on an acceptable level of damage following the PIANC guidelines.
The PIANC guidelines were developed with the design philosophy of
protection of human life and property with due consideration of the
structure’s ability to provide emergency services during the post-
earthquake period and prevention of any spillage of hazardous materials
(this may be more appropriate to port and harbour structures). In Table
1.2 the acceptable level of damage is described in relation to
serviceability (SLS) and ultimate limit states (ULS).
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Table 1.2 Acceptable level of damage in performance-based design. (PIANC, 2001).

Level of damage Structural Operational

Degree I: Serviceable Minor or no damage Little or no loss of
serviceability

Degree I1: Repairable Controlled damage Short-term loss of
serviceability

Degree III: Near collapse  Extensive damage in near Long-term or complete loss

collapse of serviceability

Degree IV: Collapse Complete loss of structure Complete loss of

serviceability

If performance-based design philosophy is followed then piled
foundations are to be designed by selecting a performance grade. PIANC
guidelines provide for four grades of performance: S through C as
explained in Table 1.3. The performance grade for a pile foundation may
be chosen based on the importance of the superstructure as defined by
local seismic codes and standards and the requirements of the users/
operators of the superstructure. Schematically the performance of
different grades during 1.1 and L2 earthquake events be classified as
shown in Fig. 1.4.

Table 1.3 Performance grades S, A, B and C.

Design earthquake

Performance grade Level 1 (L1) Level 2 (L2)

Grade S Degree I: serviceable Degree I: serviceable
Grade A Degree I: serviceable Degree II: repairable
Grade B Degree I: serviceable Degree I1I: Near collapse
Grade C Degree II: repairable Degree IV: Collapse

Based on the performance grade chosen for the pile foundation, the
limits of displacement and/or deformation may have to be set to keep the
level of damage to the required levels (serviceable to collapse) during L1
and L2 earthquake events. These may be different for different types of
deformation. For example, the limits set for vertical settlement of the
pile, horizontal displacement at pile cap level and the allowable rotation
at the pile head may be chosen considering the performance grade of the
superstructure during the L1 and L2 events. The geotechnical engineer is
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then faced with the challenge of designing the pile foundation to limit
these displacements and deformations of the pile to achieve the required
performance. This concept is quite different from the traditional load-
/stress-based factor of safety approach.

F
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Fig. 1.4 Schematic diagram of performance.

1.3 Soil Liquefaction and Lateral Spreading

When loosely deposited sandy soil layers are subject to shaking from
earthquake loading, the soil grains tend to reorganise into a denser
packing thereby exhibiting a volumetric contraction. If the soil layers are
fully saturated then the contractive tendency of the soil layers is
manifested as a rise in the pore water pressure as there is insufficient
time for the pore water to escape from the soil layers. If the excess pore
water pressure increases sufficiently to match the effective stress in the
soil, then it is said that the soil layers have suffered full liquefaction. If
the excess pore water pressures that are generated in the soil due to the
earthquake loading are limited, then the soil may still soften and the soil
is said to have suffered partial liquefaction.

The foundations of civil engineering structures suffer settlement
and/or rotation when the soil layers suffer liquefaction. Pile foundations
can be particularly vulnerable to soil liquefaction. If the soil below the
base of the pile becomes liquefied, then there is a decrease in the base
capacity and the pile can suffer excessive settlements. On the other hand,
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if the ‘depth to which soil liquefies is rather limited, say in a relatively
small magnitude earthquake, the soil surrounding the shaft may liquefy
and a loss of shaft friction may be expected. This can cause an increase
in the base load of the pile, which can lead to an increased settlement. In
addition to these simple cases, pile foundations are also vulnerable to
laterally spreading ground.

Lateral spreading of sloping ground can occur if the soil layers suffer
either full or partial liquefaction. When excess pore pressures are
generated in a sloping layer, the slope may no longer be able to resist the
static shear stress and can start to flow. Pile foundations that are passing
through a laterally spreading ground will therefore be subjected to lateral
kinematic loads. Generally, if the soil layer has fully liquefied then the
lateral forces exerted on the piles by flowing ground may be considered
to be relatively small. However, if there is a stiff soil layer above the
liquefied layer, such a layer would also spread. These nonliquefied layers
can exert large lateral loads on pile foundations as they are able to
generate significant passive pressures against the piles and/or pile cap.

1.4 Performance of Pile Foundations in Past Earthquakes

Historically there have been many case histories where pile foundations
have suffered either total collapse or severe damage during earthquake
loading. In Table 1.4 details of case histories of pile foundation
behaviour from sixteen different sites are assembled in various strong
earthquake events. Some of the pile foundations performed adequately
while others have suffered severe damage as indicated in Table 1.4.

In this section four of the prominent case histories are discussed
briefly. In the next section the main lessons that have been learnt from
these failures are presented.



Performance of Pile Foundations 13

Table 1.4 Summary of case histories on pile foundation performance in past earthquakes.

No. Case Earthquake Pile Pile Pile Lateral Pile Reference

history event material diameter length spreading performance
(m) (m) observed?

1 10storey- Niigata RCC 04 12 Yes Good Hamada
Hokuriku earthquake (1992a,b)
building 1964

2 Showa Niigata steel 0.6 25  Yes Poor Hamada
bridge earthquake tubular (1992a,b)

1964

3 Landing EdgecumbePSC 0.4 9 Yes Good Berrill

bridge earthquake, (square) etal.
1987 (2001)

4 l4storey Kobe RCC 25 33 Yes Good Tokimatsu
building in earthquake, et al.
American 1995 (1996)
park

5 Hanshin Kobe RCC 15 41 Yes Good Ishihara
expressway earthquake, (1997)
pier 1995

6 LPGtank Kobe RCC 1.1 27  Yes Good Ishihara
101 earthquake, (1997)

1995

7 Kobe Kobe steel  0.66 30 Yes Good Soga
Shimim  earthquake, tubular (1997)
hospital 1995

8§ NHK Niigata RCC 035 12 Yes Poor Hamada
building  earthquake (1992a)

1964

9 NFCH Niigata RCC 035 9 Yes Poor Hamada

building  earthquake hollow (1992a)
1964

10 Yachiyo Niigata RCC 03 11 Yes Poor Hamada

Bridge earthquake (1992a,b)
1964

11 Gaiko Chubu PSC 0.6 18  Yes Poor Hamada
Ware earthquake, hollow (1992b)
House 1983

12 4storey  Kobe PSC 04 30 Yes Poor Tokimatsu
fire house earthquake, etal

1995 (1996)

13 3 storied Kobe PSC 04 20 Yes Poor Tokimatsu
building, earthquake, etal
Fukae at 1995 (1998)

Kobe
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Table 1.4 (Continued)

14 Elevated Kobe RCC 0.6 12 Yes Poor Soga
port liner  earthquake, (1997)
railway 1995

15 LPG tank — Kobe RCC 03 20 No Poor Ishihara
106,107  earthquake, hollow (1997)

1995

16 Harbour Bhuj RCC 0.4 25  Yes Poor Madabhushi
Master’s  earthquake, et al. (2005)
building, India, 2001
Kandla
port

RCC - Reinforced concrete
PSC - Prestressed concrete

1.4.1 Showa bridge failure

The Showa bridge collapse is an interesting case history and to date
evokes passionate discussions among geotechnical engineers. This case
history happened during the Niigata earthquake of 1964, which had a
Richter magnitude of 7.5 or between VII and VIII on a Modified
Mercalli scale. The earthquake had a focal depth of 40 km and the
epicentre was near Awa-shima island, some 22 km off the coast in the
Sea of Japan.

The Showa bridge spanned the Shinano river and had ten main spans
of 28m each with two smaller spans onto the abutments. The bridge was
only completed five months before the Niigata earthquake struck. The
bridge decks were simply supported on movable bearings at one end and
fixed at the other except for the middle pier where both the decks
supported on the pier were on movable bearings. The bridge was slightly
unusual in that the piles that were driven into the ground extended above
the water to form the pier. Also all the piles at any pier location were
positioned along a single line. As a result, the bridge had considerable
flexibility in the longitudinal direction.

The Niigata earthquake caused widespread liquefaction in the city of
Niigata and in the surrounding areas. The banks of the Shinano river
suffered lateral spreading following liquefaction, particularly the left
bank, which moved by about 5m. The Showa bridge suffered
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catastrophic failure as shown in Fig. 1.5. A schematic diagram showing
the collapsed decks and bent piles is shown in Fig. 1.6. The reasons for
the collapse of the bridge were initially considered to be due to the
dynamic response of the bridge, especially as pier P6 had different
support conditions (both decks resting on it were on movable bearings)
compared to other piers.

Hamada (1992a,b) argued that a more plausible explanation could be
offered based on the ground displacements suffered due to liquefaction-
induced lateral spreading. In Fig. 1.7 the schematic view of a pile section
extracted from location P4 is shown along with the soil profile and SPT
values at the bridge site. As the left bank has suffered lateral spreading of
about 5m towards the centre of the river channel, the piles are subjected
to horizontal loading induced by the lateral earth pressures. The piles
then deform in the longitudinal direction of the bridge, causing the decks
to dislodge. The observation of the bent pile shown in Fig. 1.7 extracted
after the event gives credence to this type of failure. In addition the eye-
witness accounts described the falling of decks to have taken place some
time after the earthquake shaking had stopped (between 0 and ~1 minute).
Following the Niigata earthquake many researchers concentrated on this
lateral loading induced by spreading of liquefied ground and extensive
research was carried out to investigate the behaviour of piles under such
loading conditions. The JRA code (1996, 2002) tried to formalise this
research and presented methods of estimating the loading due to lateral
spreading ground on pile foundations.

More recently the failure of Showa bridge was revisited by
Bhattacharya et al. (2005). Based on the work of Bhattacharya et al.
(2004) it was argued that the Showa bridge could have collapsed due to
the buckling of pile foundations rather than due to lateral spreading of
ground causing excessive lateral displacements of the piles at the bridge
site. The buckling or instability mechanism of failure for piles in
liquefied ground will be discussed in detail in Chapter 3. Following the
work of Bhattacharya and his co-workers, renewed interest was created
in the collapse of the Showa bridge. For example, Yoshida ef al. (2007)
have revisited this and collated a number of eye-witness accounts to
establish the timing of the bridge collapse as well as the lateral spreading
of the river banks. Based on this work they conclude that the possibility
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of the bridge collapsing due to inertial loading or liquefaction induced
soil flow is rather low. They conclude that the Showa bridge collapse
was most likely due to the increased displacement of the ground owing to
liquefaction wherein the pile deformation can occur more easily. Motoki
et al. (2008) also revisited this problem recently and used analytical
methods to explain the collapse of the Showa bridge. They obtained good
comparisons of the pile deformation (see Fig. 1.7) but assume that the
loading on the pile is due to lateral spreading ground.

From a performance point of view, it can be said that the magnitude
7.5 earthquake was probably close to an L2 event for the Showa bridge.
The bridge suffered total collapse and complete loss of serviceability
following the earthquake, therefore its performance grade would be
between B and C (referring to Fig. 1.4).

Fig. 1.5 A view of the collapsed Showa bridge (Photo by V V Bertero) Courtesy of
National Information Service for Earthquake Engineering EERC, University of
California, Berkeley.
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Fig. 1.6 Schematic diagram showing the fallen decks of the Showa bridge. (Takata ef al.,
1965).
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Fig. 1.7 Pile extracted from P4 location during post earthquake evaluation. (Fukuoka,
1966).
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1.4.2 Niigata Family Court House building

The Niigata Family Court House (NFCH) building was a four-storey
building supported on concrete pile foundations. The plan view of this
‘L’-shaped building is presented in Fig. 1.8, which shows the footing
locations and the connecting foundation beams. The NFCH building was
constructed about one year before the Niigata earthquake of 1964. The
building was located in the Hakusan area on the left bank of the Shinano
river where vast lateral spreading was observed, for example, at the
Showa bridge site described in Sec. 1.5.1 above. The concrete piles were
0.35m in diameter and between 6m and 9m long as indicated in Table
1.4. Hamada (1992a,b) reports horizontal ground displacements of about
1.5m close to the NFCH building while the building itself suffered
horizontal displacement of about 1m.

Fig. 1.8 Plan view of NFCH building showing the locations of extracted piles.
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Following the Niigata earthquake the piles below the NFCH building
suffered differential settlements. As a result the building was inclined by
about 1° to the vertical. Damage to the pile foundations was suspected.
However, minor repairs were carried out on the inclined floors and after
that the building was used for another 25 years. The building was
subsequently reconstructed. During the reconstruction two of the original
piles were extracted, one of 6m length (Pile 1) and one of 9m length (Pile
2). The locations of these two piles in the original building are marked in
Fig. 1.8. The damage to these piles was carefully recorded as reported by
Hamada (1992a,b). Fig. 1.9 presents a schematic diagram showing the
damage recorded in Piles 1 and 2. In the same figure the variation of SPT
values with depth at this building site are shown. The shaded area in this
figure below the water table indicates the estimated depth of liquefaction
based on low SPT values of N <15. In Fig. 1.10 the photographs of the
extracted Piles 1 and 2 are presented at the locations of distress marked
on Fig. 1.9. From these photographs it can be seen that Pile 1 showed
cracking in the top region only while Pile 2 showed severe cracking at
the top and some cracking at the base. The major difference between
these two piles is the depth of penetration of the piles into the ground.
Pile 1 had a depth of penetration of about 6m while Pile 2 had a depth of
penetration of 9m. Hamada (1992a,b) suggests that Pile 1 suffered
relatively modest damage as it did not penetrate into the deeper,
nonliquefied ground. As a result, the top of this pile could move with the
building, while the base of the pile enjoyed relatively ‘unconstrained’
condition. In contrast, Pile 2 entered the deeper nonliquefied ground and
therefore the base of this pile is relatively more constrained. As a result,
when the NFCH building suffered lateral movement, the fixities at the
top and bottom of Pile 2 caused bending at both of these locations,
thereby exceeding the moment capacity of the pile at the top and at the
base. This is supported by the damage presented in Fig. 1.10b and ¢. The
main conclusion was that the laterally spreading ground around the piles
caused the observed distress in these piles.
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Fig. 1.9 Schematic diagram showing the distressed piles 1 and 2 after excavation.

a) upper part of Pile 1 b) lower part of Pile 2 ¢) upper part of Pile 2

Fig. 1.10 Photographs of extracted piles showing damaged sections of Piles 1 and 2.

From a performance point of view, it is reasonable to suggest that the
foundations of the NFCH building performed between Grade A and B
(referring to Fig. 1.4) during an L2 earthquake event. The building was
repaired following the earthquake and was subsequently used for a long
period of time.



Performance of Pile Foundations 21

This case history also highlights some interesting questions. If the soil
at the tip of Pile 1 was liquefied or lost some of its stiffness owing to
excess pore water pressure generation, then could this pile have settled
vertically, causing the NFCH building to rotate by 1°? Did Pile 2 suffer
instability on the onset of liquefaction while being under the action of the
superstructure load and lateral load due to the spreading ground? If the
plastic moment capacity is exceeded at the top and bottom of Pile 2 as
indicated in Fig. 1.8, could the NFCH building survive rotating by 1°? In
other words, what made the building reach an equilibrium position at that
point?

1.4.3 The Landing Bridge performance

The performance of the Landing Bridge in New Zealand during the 1987
Edgecumbe earthquake was discussed by Berrill er al. (2001). This
earthquake had a magnitude of 6.3 on the Richter scale due to a rupture
in the normal fault between the Pacific and Australian plates. The
earthquake had its epicentre some 17km from the Landing road but the
surface rupture was 8km from the Landing Bridge site. The peak ground
acceleration of about 0.33g was measured at the Matahina dam site,
which was also 8km from the surface rupture and hence this can be taken
as the level of shaking at the bridge site.

The Landing Bridge runs across the Whakatane river and is on the
road between Edgecumbe and Whakatane. The left bank of the river is
the floodplain. An aerial view of the bridge is shown in Fig. 1.11. It was
constructed in 1962 and had 13 spans, each 18.3m long. Each of the
spans had five pre-cast ‘I’-beams bearing on rubber pads of 16mm
thickness. The beams were bolted to the piers forming stiff, moment
resisting connections. The bridge piers were formed of concrete slabs
running the full width of the bridge and supported on eight pre-stressed
concrete piles 9m long and raked at 1H:6V. The piles each had square
cross-sections of 0.406m. The bridge abutments were also supported by
eight piles of the same cross-section in two rows, five piles on the
riverside and three piles towards the approach. In 1984, the piers in the
river channel were strengthened against scouring by adding two vertical,
1.1m diameter piles on as an extension to the existing pile cap. The soil
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profile and results of cone penetration tests at the site is presented in Fig.
1.12. The water table at the site is very shallow due to the proximity of
the river. Therefore, the shallow layers of silty sands up to a depth of
about 6m are all susceptible to liquefaction.

Fig. 1.11 An aerial view of the Landing Bridge.

The Edgecumbe earthquake resulted in vast lateral spreading at the
bridge site and in its vicinity. Shallow soil layers moved towards the
river channel from both sides, i.e. the left and right abutments, and this
was confirmed by the observation of tension cracks at ground level. The
pile foundations had to resist the additional horizontal loads induced by
the laterally spreading soil layers. In Fig. 1.13 a view of Pier C is shown.
This is a pier that is towards the left-hand abutment of the bridge in
Fig. 1.11, located on the flood plain but outside the main river channel.
In Fig. 1.13 it can be seen that the laterally spreading soil causes a
passive bulge or heave against the pier on the right-hand side of the pier
as it pushes against it and suffers a passive failure. On the left-hand side,
the laterally spreading soil forms a gap, as it moves away from the pier.
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Fig. 1.12 A typical bore log at the Landing Bridge site.

Fig. 1.13 A view of Pier C in laterally spreading soil.
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Berrill et al. (2001) report an extensive soil investigation carried out
at the bridge site after the Edgecumbe earthquake. In Fig. 1.12 the cone
penetration resistance g, is re-plotted from the data presented by Berrill
et al. for a location very close to Pier C shown in Fig. 1.13. Using a
simplistic consideration that soil layers that have cone penetration
resistance g. <10 MPa are susceptible to liquefaction, it can be seen in
Fig. 1.12 that the top 6m may have liquefied during the Edgecumbe
earthquake, which was estimated to have had a PGA of 0.33g at the
bridge site, for the reasons discussed above. It is important to note that
the 9m-long raked piles would have the pile tips located at a depth of
8.8m where the g, value was greater than 20 MPa.

Despite the lateral spreading and obvious liquefaction at the bridge
site, the landing bridge survived the Edgecumbe earthquake with minor
damage. The piles showed some signs of cracking at the top, just below
the base of the pier. Berrill et al. present a detailed calculation of the
plastic capacity of the piles and the bridge pier. They suggested a failure
mechanism for the pile-pier system as shown in Fig. 1.14, in which
plastic hinges form in the pile at the interface between the nonliquefied
and liquefied soil layers, and at the top of the pile just below the pile cap.
Similarly, the pier will have plastic hinges formed at the base of the pier
and just below the bridge deck, assuming an integral connection between
the pier and the deck due to the bolting method of connection employed
in this bridge. The plastic moment capacities of the piles were estimated
by Berrill er al. (2001) based on the structural drawings and material
properties as 233kNm and 206kNm for the lower and upper hinge
locations respectively. For the pier, the plastic moment capacities were
757kNm and 608kNm for the lower and upper hinge locations. These
give a horizontal collapse load of about 1207kN. The actual horizontal
load due to lateral spreading must have been somewhat smaller than this
as the structure did survive the earthquake with minor damage. Berrill ez
al. (2001) report in situ shear box tests they conducted yielded a value
for interlocking (c) as 10kPa and friction angle ¢ as 44° and unit weight
of 12.5kN/m’. These values yield with a traditional Coulomb analysis
(with a wall friction of about 15°) a passive force of 2000kN, while a
Rankine analysis yields a value of about 850kN. The authors comment
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on the possibility that the measured friction angle for the inherently loose
granular material may be too large due to the presence of partially
saturated silt layers. It is also possible that the Edgecumbe earthquake
did not liquefy the soil to the assumed depth of 6m, which would have
reduced the distance between the plastic hinges and, as a consequence,
the pier-pile system would have a higher horizontal capacity than
1207kN. It is very difficult to confirm this without accurate measurement
of the excess pore water pressures generated during earthquake loading.

Lateral sprending
oa——————

Crustal soil
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Fig. 1.14 Failure mechanism by formation of plastic hinges in the piles and in the pier.

From a performance point of view, the Landing bridge remained
serviceable during the Edgecumbe earthquake, which can be taken as an
L1 earthquake for this structure. Therefore, it can be assigned a
performance grade of S or A following the nomenclature presented in
Fig. 1.4.

This type of failure mechanism has been observed during many other
earthquake events. For example, during the 921 Ji-Ji earthquake, a
similar mechanism of lateral spreading ground is seen in Fig. 1.15.
(Madabhushi, 2004). A newly constructed bridge pier in the vicinity can
be seen in Fig. 1.16. Again, the passive soil bulge can be seen on one
side and a gap is formed on the other side. In Fig. 1.16 it can be seen that
the gap formed between the pier and the ground was filled up with
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liquefied soil that boiled up through the gap that was formed due to
lateral spreading. Tokimatsu et al. (1996) present similar types of
damage to pile foundations.

The failure mechanism shown in Fig. 1.14 is quite worrisome as the
nonliquefied crustal soil layers can ‘slide down’ a gentle slope on a
liquefied layer of sand. The crustal layer can be quite strong (for
example, if it consists of over-consolidated clay layers) and therefore can
generate large horizontal passive earth pressures on the piles and pile
caps passing through it. In the limiting case a passive failure wedge can
form causing the soil to bulge and heave as seen in Figs. 1.13 and 1.16.

Fig. 1.15 Lateral spreading next to a river channel during the 921 Ji-Ji earthquake,
Taiwan.

Fig. 1.16 Passive bulge and gap formation next to a bridge pier following lateral
spreading.
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1.4.4 The Harbour Master’s Tower at Kandla Port

Kandla Port is one of the largest ports in India and is located in the
western state of Gujarat. Following the Bhuj earthquake of 2001, there
was some damage to the port facilities. Kandla Port had a total of ten
berths, which were a combination of old and new berths. In addition
there were six oil terminals and a dry dock facility. The damage induced
by the Bhuj earthquake was mainly to the port structures, with some
storage facilities losing roof structures. (Madabhushi et al., 2005). The
old berths supported on battered piles performed reasonably well with
only minor cracks appearing in the pile foundations as seen in Fig. 1.17a.
Following the earthquake these berths were downgraded in terms of the
loading that could be placed on them, while the cracks in the piles were
investigated. The new berths were supported on steel-encased concrete
pile foundations of about 1.1m diameter as shown in Fig. 1.17b. These
pile foundations pérformed very well with no observable damage
recorded during the earthquake. Liquefaction was observed in certain
parts of the port and a subsidence of about 30cm was observed in the
cargo area behind the new berths, as seen in Fig. 1.17c. A typical soil
profile at Kandla Port was reported by Sitharam and Govindaraju (2004).
The surface layer is made of soft plastic clay which extends to a depth of
about 9m, as shown in Fig. 1.17d. Below this there is a substantial silty
sand layer of about 13m thickness which is susceptible to liquefaction
during strong shaking, as was produced by the Bhuj earthquake. This
silty sand layer is underlain by reddish stiff clay of about 6m in
thickness. Given this stratigraphy the pile foundations are generally taken
into the stiff clay and are about 23-25m long. Also there is a good
chance of the soft plastic clay layer at the surface suffering lateral
spreading once the silty sand suffers liquefaction, thereby imposing
lateral loads on the pile foundations.

The most interesting case at the Kandla Port is the Harbour Master’s
Tower (HMT) building located next to the old berths. This is a masonry
building supported on 2x2 pile groups with each pile having a diameter
of about 400mm and a pile length of 23m. Following the Bhuyj
earthquake, this building suffered differential settlements, leading to a
rotation of about 11° to the vertical. A view of this building is shown in
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Fig:1.18, which shows detachment from the horizontal access ways on
the left-hand side. However, despite being a masonry superstructure,
very little cracking was seen.

a)

c) d)

Sofl plastic clay

9.1 m
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223m

Reddish clay

285m

Fig. 1.17 Liquefaction at Kandla Port, Gujarat, India: (a) view of the old berths with
battered piles (b) view of the new berths with steel encased concrete piles (c) subsidence
in the cargo handling area behind the new berths (d) typical soil profile at Kandla Port.

Liquefaction-induced lateral spreading was evident in the vicinity of
the HMT building. A two-storey building next to the HMT building
suffered a total collapse as shown in Fig. 1.19. This building lost the
ground floor and appeared to have broken right down the middle. The
foundations for this building were shallow, strip foundations. There was
evidence of extensive liquefaction-induced lateral spreading and
subsidence behind the two-storey building as well as the HMT building.
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In Fig. 1.20 a view of the back of the HMT building towards the Gulf of
Kachchh is presented, in which the extensive cracking to the parapet wall
can clearly be seen. A trial pit was dug to expose the pile foundations at
the right-hand bottom edge of the HMT building, as seen in Fig. 1.18.
This confirmed that the settlement of the pile foundations had caused the
rotation of the masonry superstructure.

Fig. 1.19 A view of the collapsed two-storey building.
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Fig. 1.20 Lateral spreading caused the parapet walls behind the HMT building to crack
severely.

The Bhuj earthquake of 2001 can be considered as an L2 event for the
port facilities at Kandla, using the nomenclature introduced in Fig. 1.4.
The performance of the old berths can be classed as Grade A due to some
loss of usage in the period immediately after the earthquake. The new
berths, on the other hand, can be classed as Grade S as they retained their
full serviceability in the aftermath of the earthquake. The two-storey
building had completely collapsed during this L2 event and therefore
would be classified as Grade C. The HMT building would be classified
between Grade A and Grade B as it suffered some damage during the L2
event but did not collapse fully.

From a pile design point of view the HMT building raises some
interesting issues. Given the stratigraphy at Kandla Port (see Fig. 1.17d)
and assuming that the Bhuj earthquake caused the silty sand to liquefy
fully, it is reasonable to assume that the shaft friction of the pile was
severely reduced during and immediately after the earthquake. The silty
sand would also take a long time to recover its strength as excess pore
pressures would take a long time to dissipate due to its relatively low
permeability and the presence of the thick soft clay layer above. The
axial load from the superstructure continues to act on the piles, while
there is additional lateral loading on the piles and the pile cap due to the
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spreading of the soft clay. This raises the question of whether, under
these circumstances, the pile would fail by forming plastic hinges and
suffer a buckling instability or flexural bending failure as seen in the
previous case of the NFCH building or would the piles simply try to
mobilise additional base capacity by settling into the stiffer reddish clay
layer below as seen in Fig. 1.17d?

1.5 Modes of Pile Failure in Liquefiable Soils

The four case histories described in the previous section and the
performance of pile foundations in liquefiable soils listed in Table 1.4
form the basis of understanding the failure mechanisms suffered by pile
foundations in liquefiable soils. In this section these failure mechanisms
are considered first for single piles and later for pile groups. In the later
chapters of this book, these failure mechanisms will be referred to, based
on the experimental observations made in high-quality dynamic
centrifuge tests or based on the results of analytical methods.

1.5.1 Failure mechanisms for single piles

Single piles with small pile caps are occasionally used to support
individual columns of buildings. In this section the possible failure
mechanisms of such single piles due to liquefaction of the ground will be
presented. In certain circumstances a row of single piles may be used to
support bridge piers as described in the case history of the Showa bridge
failure (see Sec. 1.5.1). Under such circumstances those piles can suffer
the same failure mechanisms. Firstly the case of single piles in level
ground is considered. Two possible mechanisms of failure can be readily
identified as shown in Fig. 1.21. In Fig. 1.21a, the single pile carrying
large axial loads from the superstructure and located in a loose,
liquefiable, saturated sandy layer overlying the bed rock is presented.
When the earthquake-induced cyclic shear stresses lead to the generation
of excess pore pressures in the sandy layer, the stiffness of this layer
degrades significantly. Under those circumstances, the single pile can
suffer buckling instability if sufficient length becomes ‘unsupported’ and
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can fail by forming a plastic hinge. In Fig. 1.21a the initial position of the
pile is shown as a solid line and the anticipated failure mechanism is
shown as a dotted line. Here, the location of the plastic hinge shown as a
solid circle in Fig. 1.21a is of interest. It is reasonable to assume that the
plastic hinge will form close to the interface of the liquefied sandy layer
and the bed rock as shown in Fig. 1.21a. However, experimental
evidence will be presented in Chapter 3, in which the plastic hinge
actually forms some way above the location shown in Fig. 1.21a,
indicating that the liquefied sand can generate some ‘resistance’ to the
buckling pile.

In contrast to this, the case of a single pile that carries large axial
loads and passes through the loose, saturated layer and rests in a dense
sand layer is presented in Fig. 1.21b. The loose, sandy layer will again
see a significant rise in excess pore pressures and the consequential
degradation of the soil stiffness. However, the dense sand layer will also
see a significant increase in pore pressure. Coelho et al. (2003) have
reported the generation of excess pore pressures in dense sand deposits.
Further, the excess pore pressure generated in the loose sand layer close
to the interface between the loose and dense sand layers can be
transmitted into the dense sand layer, further softening the dense sand.
These conditions will lead to

e loss of shaft friction of the pile; and
e areduction in the base capacity of the pile.

Under these circumstances the pile foundation will suffer a bearing
failure and will settle into the dense sand layer as shown in Fig. 1.21b.
Settlement will continue until sufficient base capacity and shaft friction
is mobilised to bring the axial load and the weight of the pile into
equilibrium. The dilation of the dense sand layer will generate large
suction pressures in the dense sand, which will also aid the process of
reaching a vertical equilibrium in the short term. (Coelho ef al., 2003 and
2007).
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Fig. 1.21 Modes of collapse for single piles in liquefiable soil (a) buckling instability (b)

bearing failure.

In many of the cases of pile performance referred to in Table 1.4 and
those described in Sec. 1.5 the poor pile performance was also
accompanied by lateral spreading of the ground. It is therefore necessary
to consider the possible failure mechanisms of pile foundations in the
presence of lateral spreading. Haigh er al. (2000) have established that
even gently sloping ground of 2° or 3° to the horizontal can suffer lateral
spreading. So the field cases where lateral spreading is to be anticipated
will be rather large, increasing the importance of this problem.

In Fig. 1.22a a single pile that is located in an inclined, liquefiable
sandy layer is shown. The pile carries significant axial load and is rock-
socketed into the bed rock. Following earthquake-induced liquefaction,
the sandy layer will suffer lateral spreading from left to right in
Fig. 1.22a. The single pile can suffer a buckling instability similar to the
one shown in Fig. 1.21a if a sufficient length of the pile becomes
unsupported, only more easily than in level ground owing to presence of
a lateral driving force offered by the lateral spreading. Further, the
critical buckling load estimated using Euler’s theory will reduce in the
presence of a lateral driving force on the pile. A further variation on this
type of failure mechanism is the presence of a nonliquefied soil layer that
overlies the liquefied layer. Such a nonliquefied crustal layer can suffer
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lateral spreading moving down-slope often associated with the formation

of a thin film of water at the interface between the liquefied and

nonliquefied layers, especially when the nonliquefied layer has a lower

permeability than the liquefied layer. The pile will be subjected to large,

passive, lateral pressures by the nonliquefied crust. In the presence of
axial load, P- effects can become excessive and together with the lateral
loads can cause formation of plastic hinges as shown in
Fig. 1.22b. Although the final failed shape of this pile may appear similar
to the one in Fig. 1.22a, the specific circumstances here cause the pile to
fail by flexural bending rather than buckling. Also, the thickness of the
liquefiable layer can be relatively small for this type of failure

mechanism, as buckling is not the issue.

g
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Fig. 1.22 Failure of piles under combined lateral and axial loads in laterally spreading soil
(a) liquefiable sand only (b) with nonliquefied crustal layer.

A final variation of the commonly occurring field cases is when the
pile is located in layered ground with a nonliquefied crust underlain by a
liquefiable layer that is in turn underlain by a dense sand layer or a stiff
clay layer. The pile will normally be driven to come to bear in the dense
sand layer to transfer the axial loads. Following liquefaction and lateral
spreading, the pile can suffer some elastic bending due to the lateral earth
pressure exerted by the nonliquefied layer. However, the pile may
concurrently suffer bearing failure as shown in Fig. 1.23. This is a
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variation on the failure mechanism in level ground presented in
Fig. 1.21b.

Non-
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Fig. 1.23 Combined bending and settlement failure of a pile in laterally spreading ground.

1.5.2 Failure mechanisms for pile groups

Deep foundations are more commonly designed with groups of piles.
The failure mechanisms for pile groups in level ground are considered
next. The case of a single liquefiable layer overlying the bedrock is
considered. Again, axial load is present on the pile group at the time of
the earthquake loading. As described before, the liquefiable sand layer
will lose its stiffness owing to the generation of excess pore water
pressures. Under those circumstances, the piles become ‘unsupported’
and can fail as before due to buckling instability. Two further
mechanisms of failure are possible as presented in Fig. 1.24. In
Fig. 1.24a the piles fail by forming plastic hinges both at the bases and
the pile heads. This assumes that the piles are well rock-socketed into the
bedrock. If this is not the case, i.e. the pile tips rest on the bedrock, then
no plastic hinges will form at the pile tips. In this mechanism the pile cap
will suffer lateral displacements and small vertical settlements that may
cause significant distress to the superstructure.
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Fig. 1.24 Pile group instability in level ground (a) four hinge mechanism (b) three hinge

mechanism.

A second mechanism that can occur is a three-hinged mechanism shown
in Fig. 1.24b. In this case the plastic hinges will form only at the pile
heads. One of the piles has to fail by buckling instability. This
mechanism can cause severe rotation of the pile cap causing significant
distress to the superstructure. Also note that this mechanism can occur
even if the pile tips are well rock-socketed to mobilise full fixity at the
pile tips.

As before, the pile performance in liquefiable soils is more interesting
in the presence of laterally spreading soils. The failure mechanisms for
these cases are considered next.

The soil profile considered is the same as before with a nonliquefied
crust layer underlain by a liquefiable sand layer, which in turn is
underlain by bedrock. The pile group is socketed into the rock. The axial
load from the superstructure is present on the pile group at the time of the
earthquake loading. The failure mechanism for the pile group is shown in
Fig. 1.25. Large lateral loads will be generated on the piles due to the

passive earth pressures from the nonliquefied crust on the piles and pile
cap. This, in combination with the axial load, can cause excessive
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Fig. 1.25 Pile group failure in laterally spreading ground with nonliquefied crust.

bending of the piles leading to formation of four plastic hinges as shown
in Fig. 1.25, similar to the one for level ground shown in Fig. 1.24. In
laterally spreading ground it is easier to form this mechanism than in
level ground, due to the presence of large lateral loads.

When the tips of a pile group rest in a layer of dense sand or stiff
clay, the pile group can additionally suffer settlements as shown in
Fig. 1.26. The lateral loads from the nonliquefied crust will cause some
clastic bending of the piles. However, the pile group can fail by loss of
end-bearing and therefore suffer settlements. In the case of the pile
group, this mechanism of failure is somewhat limited by the ability of the
pile cap to resist settlements as it rests in the nonliquefied crust layer.
Unlike the single pile shown in Fig. 1.23, this additional bearing capacity
of the pile cap can limit excessive settlements of the pile group.

In a similar type of soil stratification, further failure mechanisms are
possible for the pile group as shown in Fig. 1.26. One of the piles can
suffer excessive settlement as shown in Fig. 1.26b. This settlement can
be accommodated by the formation of plastic hinges at the pile cap as
shown in Fig. 1.26b. This failure mechanism can lead to excessive
rotation of the pile cap. This type of failure mechanism would be
compatible with the HMT building rotation seen in the case history of
Kandla Port (see Sec. 1.4.4).
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Fig. 1.26 Bearing failure of pile groups in laterally spreading ground (a) bearing failure
alone (b) combination of local bearing failure and plastic hinging.

1.6 Summary

Pile foundations are the most popular form of deep foundations. In this
chapter the design of pile foundations subjected to axial loading was
briefly considered and the two main components of load transfer, i.e. the
shaft friction and base capacity, were discussed. Earthquakes can create a
particularly challenging set of loads on piles, especially when the soil
layers in the vicinity of the foundations suffer liquefaction. Lateral
spreading of sloping ground can additionally subject the piles to large,
horizontal loads. In this chapter some of the case histories of the
performance of the piled foundations in ground that suffered liquefaction
were considered. Also the performance of these foundations was
classified based on the modern approach of performance grades in L1
and L2 earthquake events. Based on the observations of failures and
performances in these case histories, a set of possible failure mechanisms
are described for single piles and pile groups in liquefied level ground
and laterally spreading sloping ground.



Chapter 2

Inertial and Kinematic Loading

2.1 Pile Behaviour Under Earthquake Loading

For many classes of structure the predominant static loading on piled
foundations is vertical compressive loading. Earthquake loading will
impose requirements on the piles to resist significant lateral loads and
moments with the further possibility of piles being required to carry
tensile loads. The deformation of piles may be substantially affected by
the permanent deformations of the ground in which they are embedded.
In particular, liquefaction induced lateral spreading can impose severe
damage on piled foundations as discussed in Chapter 1.

Pile foundations can suffer severe damage during, and in the period
immediately after, the earthquake loading. In the previous chapter
several case histories of pile performance during past earthquakes were
discussed. Based on the case histories and the state of current research,
some of the possible failure mechanisms of pile foundations in various
soil stratigraphies were presented. In this chapter, the actions of the
earthquake loading on the pile foundations are considered in detail.
These are usually classified as inertial and kinematic loadings depending
on the whether the action on the pile is induced by the superstructure or
the soil surrounding the pile.

2.1.1 Inertial loading

The loading requirements imposed by seismic events on piles require
different geotechnical and structural design of these elements compared
with the static design of piles under static loading. Let us first consider

39
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the case of pile foundations in level ground comprising a soft, horizontal
soil layer in which no soil liquefaction occurs, overlying a stiff,
horizontal soil layer. The pile foundation passes through the soft layer
and rests on the stiff soil layer as shown in Fig. 2.1.

The earthquake motion can be transmitted from the stiff soil stratum
into the softer layer and this motion can be amplified as it propagates
through the softer layer, is transferred to the piles and onto the
superstructure. This sets up structural vibrations in the superstructure. As
these vibrations are being set up in the superstructure, it will impose
inertial loading on the pile cap. This inertial load has to be carried by the
piles. The peak inertial load is shown schematically in Fig. 2.1. If the
inertial load is large, then piles can suffer significant lateral
displacements. Further, depending on the stiffness of the superstructure
and the pile cap’s bearing capacity, the pile cap can either be prevented
from suffering any rotation or some rotation can occur. If the pile cap
rotations are prevented then the piles will undergo elastic bending as
shown in Fig.l and in extreme cases plastic hinges can form at the
pile/pile cap interface as indicated in Fig. 2.1. On the other hand, if the
pile cap can undergo some rotation, then the piles will suffer elastic
bending but the pattern of bending is opposite to the previous case (see
Fig. 2.1). These types of behaviour will be dominated by the stiffness of
the shallow soil layers as the lateral inertial load on the piles will only
displace the soil in this region. If the shallow layers in this region are
soft, this can be accomplished easily. On the other hand, if the shallow
layers below the pile cap comprise stiffer/competent soil then the lateral
displacement of piles and the rotation of the pile cap will be smaller, but
the piles may attract large lateral loads that oppose the inertial loads due
to mobilisation of the passive soil pressures in this region.

Clearly ‘inertial loading’ on the pile is a dynamic load and its peak
magnitude would depend on the dynamic characteristics of both piles and
the soil layers. In particular the inertial load will depend on the stiffness
of the pile relative to that of the surrounding soil. This aspect is further
considered in Sec. 2.6. In addition, the dynamic response of the
superstructure will play an important role in the magnitude of inertial
load seen by the piles.
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Fig. 2.1 Inertial interaction between piles and the soil.

Further, the inertial loading on the piles would be the same in both
the level ground scenario as well as in sloping ground that may be
suffering lateral spreading, provided that the changes in the dynamic
response of the piles due to the liquefaction-induced softening are small.

2.1.2 Kinematic loading in level ground

Earthquake loading differs from other forms of environmental and
machinery-induced cyclic loading because the in-ground motions
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produce pile loadings in addition to the pile loadings derived from the
motion of the supported structure. The in-ground motion generates
‘kinematic interaction’ between the piles and the soil. As the soft soil
layer undergoes vibrations due to the arrival of cyclic shear stresses from
the stiffer layer below, it will vibrate in the first mode, with a natural
frequency of f;;

=Y
4H

where v, is the shear wave velocity in the soft layer, and H is the
thickness of the soft layer. This motion is indicated as free-field soil
displacement in Fig. 2.2. The piles that are located in such a soil layer are
forced to follow the motion imposed by the soil. If the piles are relatively
flexible then they will undergo deformations as shown schematically in
Fig. 2.2. On the other hand if the piles are relatively stiff, then the
deformations they undergo will be smaller. In this way, the piles can
attract large lateral loads that will act in the opposite direction to the
imposed displacements, due to mobilisation of passive pressures.
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Fig. 2.2 Kinematic interaction between the piles and soil.
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It is clear that due to the kinematic interaction between the soil and
the pile, the deformations in the piles occur in the deeper regions as
indicated in Fig. 2.2. The variation of inertial and kinematic loading on
piles with increasing depth of soil layers is considered later in Sec. 2.3.1.

2.1.3 Kinematic loading in sloping ground

The kinematic loading on the piles can increase in sloping ground.
Earthquake loading can cause down-slope movements to occur when the
cyclic shear stresses generated by the earthquake combined with the
static shear stresses in the slope exceed the shear strength of the soil. In
such situations the free field displacements (as shown in Fig. 2.2 for level
ground) will be larger and therefore the kinematic loading on the piles
will be larger. If the sloping ground suffers liquefaction-induced lateral
spreading as seen in the case histories in Chapter 1, again the free-field
displacements in the sloping ground will be larger. However, the
kinematic loading may not be large as the strength of the liquefied soil
will be low and as such it may be able to flow around the piles. There are
exceptions to this situation. For example, if there is a nonliquefied crust
above the laterally spreading liquefied layer as discussed in Sec. 1.4 in
Chapter 1, then the kinematic loading on the piles can be quite large. The
nonliquefied layers can result in quite a large kinematic loading as the
piles and the pile cap can be subjected to large passive pressures due to
the higher strength of this soil. Before presenting the methodologies for
estimating inertial and kinematic loads on pile foundations, the
development in the methods of analysis of static lateral loads on piles is
considered first.

2.2 Analysis of Laterally Loaded Piles Under Static Conditions

Pile foundations can be subjected to lateral loads under static conditions
in a variety of loading scenarios. For example, pile foundations
supporting a bridge abutment may be subject to lateral loads due to the
earth pressures acting on the abutment. The static load-deflection
analysis of piles has developed in two principle directions. These
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methods are: the Winkler spring approach in which the pile is modelled
as a beam supported by a series of independent springs; and the elastic
continuum approach in which an elastic pile is considered to be
embedded in an elastic soil continuum. These two approaches can differ
from the realistic situations faced in the field as illustrated in Fig. 2.3.

The different approaches have different strengths and weaknesses.
The Winkler spring method allows the nonlinear loading response of the
soil to pile deflection to be easily incorporated through the use of
nonlinear p-y or #-z curves. These springs can be modified to incorporate
the effects of imposed ground movements around the piles. In addition,
complex layered soil profiles can also be accommodated in a
straightforward manner. However, the springs do not account for the
effects of soil movement at one location on soil movements at adjacent
locations. This limits the reliability of the empirical methods used and
makes the analysis of pile groups difficult with this method.

On the other hand, the elastic continuum approach is more
satisfactory from a theoretical standpoint as the stress and strain fields in
the soils around the pile are correctly analysed. This makes the technique
suitable for the analysis of the interaction of piles in pile groups.
However, the available solutions are predominantly linear-elastic and
based on rather simple soil profiles.

2.2.1 Simplified soil profiles

For the purposes of carrying out simple analyses of piles subjected to
lateral loads either using the p-y method or in some cases even finite
element analysis with elastic constitutive relationships for the soils, the
soil layers around the pile are assumed to have certain simple variations
in shear stiffness. The most common variations considered in the
literature are presented in Fig. 2.4. In this figure it can be seen that the
shear stiffness is either assumed constant with depth (Fig. 2.4a), which is
applicable in the case of over-consolidated clays. For sandy soils it is
more appropriate to assume a parabolic variation in stiffness with depth
as shown in Fig. 2.4b. This is akin to the variation of shear modulus
proposed by Hardin and Drnevich (1972) for sandy soils and expressed
in SI units as shown in Eq. 2.2.
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3-¢)’ p
G, :100((1—+e))—\/? (2.2)

where G, 1s small-strain shear modulus in MPa, e is the void ratio of the
sand and p’ is the mean effective confining stress in MPa.
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Fig. 2.3 Alternative models for pile load—deflection analyses.

For soft clay layers it may be more appropriate to assume a linear
variation in stiffness with depth as shown in Fig. 2.4c. The advantage of
assuming these kinds of simplified variations in stiffness is that they can
be easily incorporated into the calculation of spring stiffness in the
horizontal and vertical direction for p-y type and ¢-z type analyses
respectively. Similarly, if continuum based finite element analyses are
being attempted again these type of variations in soil stiffness are
amenable to straightforward implementation. It must be pointed out that
these simplified variations can only be considered when the soil layers
are homogeneous. When the soil strata under consideration have distinct
layers, suitable approximations have to be made.
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Fig. 2.4 1dealised soil stiffness profiles.

2.2.2 Simplified analysis procedures for piles under static loading

Solutions for single piles under static lateral loading are given by Poulos
and Davis (1980) with further solutions by Davies and Budhu (1986),
Budhu and Davies (1987, 1988) and Gazetas (1990, 1991). These are
summarised by Pender (1993) for the Winkler spring and elastic models
for a variety of stiffness distributions. The strengths of both
methodologies can be harnessed by using the Winkler spring model to
refine the soil stiffnesses selected for horizontal and vertical elastic
analysis of single piles. The refined parameters from the single pile
analysis may then be employed in an elastic-continuum analysis of the
pile group.

For static lateral loading of an elastic pile embedded in an elastic soil,
the displacement « and rotation 6 of the pile head are given by:

A= f,H+ [, M (2.3)
and
9:f0HH+f9MM (2.4)
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where H is the horizontal load and M the moment at the pile head, and
Jutts Jumss fors four are flexibility coefficients with fpy = fuu. The pile head
flexibility coefficients for the three soil stiffness profiles given in Fig. 2.4
may be expressed as shown in Table 2.1.

Table 2.1 Pile head flexibility coefficients for static loading.

Soil stiffness variation

Flexibility

Coefficient Constant Parabolic Linear

fun 13 [E,, ]mx 214 [_E—p—]o.zo 39 [ﬂJo,m
E\'D(] E.\D E.s‘[)Dl) E.\D mD02 Ev/)

feH = fuM 22 Eﬂ —0.45 343 Ep —0.53 50 Ep —0.556
E.\-Doz E, E\uDoz E, mD03 E,

fom 9. (E,, ]0.73 12.16 [E,, ]0.77 13.6 [ijvo,ﬂx
E s D(] ’ E.\I) E.\'[) DO : E.\‘D mDO ¢ E.\‘D

where m = rate of increase of stiffness with depth.

The matrix of pile head flexibility coefficients can be inverted to
obtain the matrix of pile head stiffness coefficients Kuy, Kyu Ky and
Kuns as shown in Eq. 2.5. These can be employed to define horizontal
and rotational springs, which reproduce the pile head displacement and
rotation under a given static horizontal and moment load.

KHH KHM 1 ng _fuM
[KMH KMJ VT —f,@){—fgﬂ fu } -
where Kyy = Ky, giving a symmetric stiffness matrix. The overall
horizontal pile head stiffness (Ky) is therefore given by
KK — Koy

K, =
Ky —eK

(2.6)

where e is the eccentricity given by e = M / H. K, will have units of
kN/m if the horizontal load H and moment load M are in kN and the
eccentricity e is in m. Similarly, the rotational stiffness at the pile head
(Kg) is given by
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- KHHKMM _Kisz

K,y K/ @7)
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K, will have units of kN-m/rad.

2.3 Analysis of Laterally Loaded Piles Under Earthquake Loading

2.3.1 Variation in the action of inertial and kinematic loads with depth

Summaries of the methods used to assess the responses of piles and pile
groups to seismic loading are provided by Gazetas (1984), Novak (1991)
and Pender (1993). Numerical studies indicate that the response of a pile
shaft under seismic loading can be considered in three zones:

i.  The near surface zone. This zone extends to approximately eight
pile diameters beneath the soil surface and is dominated by
inertial loading effects.

i.  An intermediate zone. This zone exists between the near surface
and deep zones and is influenced by both inertial and kinematic
effects.

iii.  The deep zone. This zone is below 12 to 15 pile diameters from
the surface and is dominated by kinematic effects.

It is interesting to consider whether the peak inertial and kinematic
loads in the intermediate zone occur simultaneously and therefore must
be superimposed or if the kinematic effects only occur after the end of
peak earthquake loading, i.e. after the inertial loading has been
completed. Further distinction needs to be made on whether the
surrounding soil will or will not liquefy. If the soil liquefies then the
kinematic loading may be small as the strength of liquefied soils may be
small by conventional wisdom, although experimental evidence suggests
that this may not be the case due to dilation of liquefied soil during shear
deformation. This aspect will be discussed in detail in Chapter 4.
Similarly another distinction needs to be made between liquefied level
ground and liquefied sloping ground that is undergoing lateral spreading,
say with a nonliquefied crust on the top as discussed in Chapter 1. The
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peak kinematic loading applied by such laterally spreading nonliquefied
crusts may occur after the passage of peak inertial loads applied by the
superstructure.  Therefore, such kinematic loads may not be
superimposed over the peak inertial loads. Recent research by Davis at
the University of California has investigated this aspect for a pile group
in laterally spreading ground with a nonliquefied crust on the surface.
(Brandenberg et al., 2005a) present an interesting discussion of the phase
relationship between the peak inertial and kinematic loads before and
during lateral spreading.

2.3.2 Effective lengths of piles

The effective length of pile L,, that participates in the inertial response
may be determined for elastic soil profiles as a function of the relative
stiffness of the pile with respect to the surrounding soil and the pile
diameter. (Gazetas, 1984). With reference to the idealised soil profiles
shown in Fig. 2.4, the effective length of pile L,; may be calculated using
the following equations.

Constant stiffness with depth:

E 0.25
L,=2D —”j (2.8)
! ’ (ESD
Parabolic stiffness with depth:
E 022
L,=2D —ij (2.9)
! ’ [ EA\‘D

Linearly increasing stiffness:

0.20
— EP
L, =2D, (—j (2.10)



50 Design of Pile Foundations in Liquefiable Soils

where, D, is the diameter of the pile, £, is the Young’s Modulus of pile
and E,p is the Young’s Modulus of soil at a depth D,. It must be pointed
out that the use of Young’s modulus of soil as a parameter is rather
unsatisfactory as it is not easy to determine from element tests and
practicing engineers often have no feel for this parameter.

The effective lengths calculated using Eqgs. 2.8 to 2.10 are somewhat
greater than the equivalent lengths which can be determined for piles
under static loading. Field studies such as those by Hall (1984) and
Makris et al., (1996) on instrumented piled structures under significant
levels of seismic loading show that the stiffness of a pile group tends to
decrease significantly as the number of load cycles increases. This is due
to effects such as a decrease in soil stiffness as shear induced pore water
pressures increase in the near surface zone and the development of
gapping around the top of the pile shafts. These effects will increase the
effective or active length of the piles to be considered in the inertial
loading response.

The effective pile length concept is useful for differentiating between
‘long’ and ‘short’ piles. For ‘long’ piles an increase in length does not
affect the horizontal response to inertial loading. ‘Short’ piles, of length
less than L4, exhibit a softer response to inertial load, which is a function
of pile length.

2.3.3 Pile flexibility

As an alternative to the method suggested above the flexibility of the pile
can be determined using the following procedure. The elastic length of
pile can be determined using

T= Edl, N 2.11
=| % (2.11)

where E I, is the flexural stiffness of the pile and, & is gradient of the
soil modulus which may vary from 200 to 2000 kN/m’. The value of & is
2000 kN/m” for loose saturated conditions. Thus elastic length of the pile
is determined as a function of the relative pile—soil stiffness.
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Using the value of 7' calculated above, Z . 1is calculated using
Eq. 2.12:

zZ == (2.12)

If Znax >3, the pile is considered to be flexible. i.e. its behaviour is not
affected by the length, and collapse is always caused by a flexural
failure, with formation of a plastic hinge. The pile is semi-flexible if
5 >Zmax >2. 5, and the pile is considered rigid if Z . <2.5.

Piles that are classified as flexible will ‘move’ with the surrounding
soil and therefore will attract the inertial shear load imposed by the
superstructure during earthquake loading, but will attract little kinematic
loading. Rigid piles, on the other hand, will attract significant kinematic
load, as the piles stay in position so that the soil exerts passive pressures
on either side of the pile in alternative load cycles due to the relative soil-
pile displacement. This additional lateral load applied by the soil must be
considered in pile design.

2.4 Kinematic Response in Level Ground

It is convenient to analyse the kinematic response of the pile or pile
group separately from the inertial response. The kinematic response at
depth may be used to assess the structural requirement of the pile in the
intermediate and deep zones. The kinematic response of the pile head is
an input into the inertial response analysis.

In the deep zone the presence of piles has little effect on the ground
motion or natural frequency of the stratum as determined from Eq. 2.1.
The pile and soil motions are likely to be practically coincident for
frequencies up to at least 1.5 times the natural frequency (f,) of the
stratum. This observation is of practical significance as the deflected
shape of the pile can be obtained from a 1D equivalent linear shear wave
propagation analysis. Having obtained the deflected shape of the pile, its
bending moments and shear forces may readily be determined. Makris
et al. (1996) discuss field studies which make useful observations on this
mode of behaviour. It should be noted that substantial bending moments
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may ‘be induced in piles at the levels of interfaces between zones of
appreciably different stiffness.

In order to perform an inertial response analysis the kinematic pile
head response is required. Numerical studies indicate that the kinematic
response derived for a single pile is applicable to pile groups and that the
kinematic interaction between the soil and a free headed pile is
conservative if applied to a fixed head pile.

Pender (1993) describes an approximate technique based on Gazetas
(1984), which may be used to evaluate the kinematic response of the pile
head. Firstly, the free field response at the top of the soil column is
determined at a point remote from the pile group. The horizontal
amplitude of the free field motion is u,. Then a frequency dependent
horizontal interaction factor 7, is determined using Eq. 2.13.

I,=-+% (2.13)

where u, — horizontal amplitude of the pile head motion. In addition to
the horizontal interaction factor I, a dimensionless factor F is calculated
using Eqs. 2.14 to 2.16 for the three types of stiffness variation presented
in Fig,. 4.

Constant stiffness with depth:

AP, 2

Parabolic variation in stiffness with depth:

T e

Linearly increasing stiffness:

T e
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where f'is the response spectrum frequency considered, £, is the natural
frequency of the soil stratum, £, is the Young’s modulus of the pile, E,p
is the Young’s modulus of soil at depth D, and L and D are the length
and diameter of the pile, respectively.

Using the appropriate equation, values of F are calculated for discrete
frequencies across the frequency range of interest (e.g. 0.5Hz to 40Hz).
Corresponding values of /, are calculated from the following expression
(Gazetas, 1984):

I,=aF*+bF*+cF*+1.0 (2.16)

While using Eq. 2.16, [, is limited to a minimum value of 0.5. The
coefficients a, b and ¢ in Eq. 2.16 are given in Table 2.2.

Table 2.2 Coefficients for horizontal kinematic interaction factor

Soil Stiffness Profile

Coefficient  “Congtant Parabolic Linear

a 0 3.64 x 10° -6.75 x 107
0 436 x 10 7.0 x 107

¢ -0.21 6.0 x 107 33 x 107

The interaction factors produced by this procedure are strictly
applicable only to a Fourier spectrum. However, approximate results can
be obtained by applying the interaction factors directly to the free field
spectral acceleration versus frequency response spectrum. The horizontal
spectral acceleration of the pile head is simply obtained by multiplying
the free field acceleration by the value of I, for each frequency
considered.

Study of spectral acceleration responses produced by the above
procedure shows that the piles damp the higher frequency excitation seen
in the free field. The extent of that damping depends on the ratio of pile
to soil stiffness and particularly on the soil stiffness profile. The linearly
increasing stiffness profile produces damping at lower frequencies than
the other stiffness profiles. Pender (1993) observes that the response of
instrumented piles in earthquakes tends to that of the linearly increasing
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stiffness profile even if the SI data suggest a constant or parabolic
profile. This is considered to be due to softening of the soil with shear
strains close to the surface, under the action of seismic loading.

The studies undertaken by Gazetas (1984) show that the rotational
interaction factor is sufficiently small to be neglected.

2.5 Kinematic Loading in Laterally Spreading Soil

As described in Chapter 1, a more serious lateral loading condition on
piles may arise when there is a nonliquefied crust situated above a
liquefiable soil deposit on sloping ground. Such a condition will
invariably result in lateral spreading following an earthquake event,
thereby inducing large lateral loads on the piles and pile cap. Recent
research at the University of Cambridge, UK (Haigh and Madabhushi,
2005), Renesselaer Polytechnic Institute, New York, US (Dobry et al.,
2003) and University of California, US, Davis (Chang et al., 2005) have
looked at the loading applied by nonliquefied crusts onto the pile cap and
piles due to lateral spreading.

In such situations, Dobry et al. (2003) propose that in pile design, the
lateral load from the nonliquefied crust plays the most important role and
the contribution of the resistance offered by liquefied soil can be ignored.
This will be considered in more detail in Sec. 2.8.2.

Often the nonliquefied layer that may suffer lateral spreading may be
a cohesive layer. If that is the case, the lateral load applied by a cohesive
crust can be determined by using shallow foundation bearing capacity
factors. For example, if the clay crust overlying the liquefied layer had an
undrained shear strength of S, then the lateral pressure g applied on a
rough, square pile cap in this region can simply be calculated using
Eq. 2.17, following Randolph and Houlsby (1984).

g=037+2)-§, (2.17)

For other soil types, the above expression can be suitably modified.

The lateral deflection of the pile cap and rotation of the pile cap and
pile heads can be determined under the action of the lateral load induced
by g above over the resisting surface area (sides of the pile cap and the
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portion of the piles in this region). The above expression is based on
Upper Bound Theorem of Plasticity and, therefore, should provide a safe
bound.

Alternatively, the upper bound theory by Murff and Hamilton (1993)
for lateral resistance P, can also be used in cohesive soil. In Fig. 2.5 a
graph is plotted between the normalised lateral resistance P,/(S,D) and
the normalised depth z/D and D is the diameter of the pile. This method
allows for a more gradual change of the undrained shear strength with
depth from the surface of the soil crust to deeper regions and therefore
can be used if the nonliquefied crust is reasonably deep.
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Fig. 2.5 Variation in normalised lateral load with normalised depth.

It must be noted that the lateral loading due to inertia from the
superstructure and the kinematic loading due to the lateral spreading of
the soil will not generally occur at the same time. However, for design
purposes these can be superimposed to give a conservative assumption.
The superimposed load can be used to estimate the lateral deflection of
the pile heads and their rotation.
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2.6 Inertial Response

The inertial response analysis uses the dynamic response obtained from
the kinematic interaction study to assess the seismic displacements and
rotations of the pile head or of the structure. The forces driving the pile
head are derived from the mass and stiffness of the structure.

Typically the structure may be simplified as a single degree of
freedom system while the piled foundation is considered to have
translational and rotational degrees of freedom.

2.6.1 Relative stiffness of pile-soil system

The response of the foundation to the horizontal inertial loading and
moments is determined by a combination of stiffness and damping in a
manner analogous to the response of a shallow foundation. While the
single pile stiffness is not sensitive to frequency, the pile group
interaction terms and the radiation damping are frequency dependent.

A common way of addressing the response of the single pile or a pile
group to inertial loading is by use of the concept of impedance.

R(1)
S(w)=—+=
() U (2.18)
where S(w) is the (complex) impedance for the mode of response
(sliding, rocking etc.) being considered, R(z?) is the dynamic force or
moment and U(?) is the dynamic displacement or rotation, respectively.
S() depends on the stiffness K and damping C as shown in Eq. 2.19.

S{w)=K(w)+ioC (2.19)

where K(w) 1s the dynamic pile stiffness (kN/m), ® is angular frequency
(rad/s), C is the damping coefficient (kNs/m) and i = VD).

The impedance function is conveniently expressed as a complex
variable because the damping component, being a function of velocity, is
out of phase with the elastic stiffness. The damping may also be
expressed as dimensionless frequency dependent coefficients {(w), for
the various modes of response given by Eq. 2.20.

((0)="E =22

= 2.20
K 2K (2:20)
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This enables an alternative expression for the impedance to be developed
as shown in Eq. 2.21.

S(@)=K[k(w)+2{ (o)i] (2.21)

With impedance functions defined in the above equations, any
appropriate static expression for single pile or pile group loading
response can be used for the dynamic loading case, substituting the
complex impedance terms for their static counterparts.

Numerical studies undertaken by Gazetas (1984) show that k(w) is
approximately unity for most practical values of pile — soil stiffness ratio
over the frequencies of interest and for the horizontal, rocking and
vertical modes. Hence the dynamic stiffnesses for the various modes can
be taken as similar to their static counterparts.

2.6.2 Damping coefficients

Values for the damping coefficients { are given by Gazetas (1991) for
single piles embedded in elastic soils with the stiffness profiles shown in
Fig. 2.4, as shown in Table 2.3. Note that {yy is the damping due to
horizontal movement under horizontal loading, Cyy refers to horizontal
movement due to applied moment and {yy refers to rotation due to
applied moment.

Table 2.3 Dimensionless pile head damping coefficients

Damping  Soil Stiffness Profile

coefficient  Constant Parabolic Linear
0.17 0.08
E E 1.8/D
- 085+ 10D Ey 0.7+ 1200 E, 06+
v.v ExD v: E:D $
0.18 0.05 1.0/D
E E
» 0.8+ 985/0( By 0.6+ 9700 £, 035+ 122
V: E:D vs ESD ¥

G - :

s

0.2 0.1 0.4
0355+ 23D [ﬂJ 0225+ 2332 [f—&) 024 +“;£
vY VS )

sD sD
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All of the expressions in Table 3 apply only when the frequency of
shaking f is greater than the natural frequency of the stratum obtained
from Eq. 2.1, i.e. f >f,. If the exciting frequency is below the natural
frequency of the stratum then there will be no radiation damping and the
damping coefficients will be the left-hand term in each case.

Calculations based on the formulae in Table 2.3 have been compared
with a limited amount of field data mainly derived from experiments
where vibrators have been mounted on single piles (Pender, 1993). The
field data suggest that the damping coefficient values obtained from
these expressions under-predict actual damping by about 30%.

Using the impedance terms, the pile head behaviour may be reduced
to translational and rotational springs. The inertial loading may be
determined using an idealised, single degree of freedom, structural
model. The equations required to solve the response of such a system are
given by Wolf (1985). Useful worked examples are given by Pender
(1993).

Because the impedance terms are complex numbers, the calculated
displacements also have real and imaginary parts. The maximum (real)
response is readily determined by applying the SRSS (square-root of the
sum of the squares) technique.

Calculations on the response of pile groups require the use of
dynamic pile group interaction factors representing the effects of pile-to-
pile spacing. These are frequency-dependent complex functions.
Interaction factors for various loading directions and responses are given
by Gazetas (1990), Gazetas et al. (1991) and Makris and Gazetas (1992).

2.7 p-y Analysis of Piles

2.7.1 Static lateral loading

The response of piles to static lateral loading has evolved based on the
classical beams in Winkler springs theory. In the original methodology
the pile-soil stiffness is modelled using nonlinear p-y springs derived
from field tests. (Matlock and Reese, 1960; McClelland and Focht,
1958).
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Let us consider a pile in a homogenous soil layer subjected to a lateral
load at the pile head as shown in Fig. 2.6a. The horizontal action can be
due to wind load acting on a pile or from mooring for an offshore pile
founded in the sea bed. The behaviour of such a pile and the surrounding
soil can be idealised by horizontal springs that will model the horizontal
stiffness of the soil as shown in Fig. 2.6b. The main advantage of this
method is that the nonlinear behaviour of the soil can be accommodated
by means of nonlinear variation of the soil resistance p and the lateral
deflection of the pile y as shown in Fig. 2.6c.

Hes. ™ .

v

soil

33333333337

c)

a)

L=
—

Fig. 2.6 Modelling of laterally loaded piles

The above methodology can be easily extended to layered soils. The
only variation will be that the p-y curves used will vary for the different
soil layers. The response of the pile to lateral loading can be obtained by
using the finite differences technique to solve Eq. 2.22.

d"yz

Bl

h, (2.22)
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wher€ EI is the flexural rigidity of the pile, y is the lateral displacement
of the pile at x, x is the distance along the pile measured from the tip and
h, is the horizontal soil force per unit length at x, which will vary as a
function of y.

A similar concept called the #-z method is used to include the axial
response of a pile subjected to vertical load V as shown in Fig. 2.7a. A
schematic representation of a -z model is shown in Fig. 2.7b. The axial
stiffness of the pile is modelled by the springs between the pile elements.
The stiffness of the soil is included by a separate set of springs on the
side. The nonlinearity of the soil layers can be incorporated via a t-z
curve as shown in Fig. 2.7c. As with p-y analysis, soil layers with
different -z curves can be incorporated into the analysis to account for
layered soil deposits. Similarly, strength degradation of soil can also be
incorporated.

The applicability of ¢-z analysis was demonstrated by Vijayvergiya
(1977) who proposed a -z curve that could be compared to the results
from a pile load test on a 400mm diameter steel tube pile driven into
medium dense sand. This result is re-plotted in SI units and presented in
Fig. 2.8 which shows very good correlation between the pile head load-
settlement curve obtained from the 7z analysis and that obtained from
the pile load test. Vijayvergiya proposed that the ¢-z curve in Fig. 2.8 is
suitable for piles of up to 0.6m diameter. For larger diameter piles the
soil springs need to be modified to prevent an over-stiff response.
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Fig. 2.7 Modelling of axially loaded piles.
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Fig. 2.8 Comparison of r-z analysis to actual pile load tests in sand (re-plotted in SI units
from Vijayvergiya, 1977).
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2.7.2° Cyclic lateral loading

The use of the ‘p-y method’ has become very popular, particularly with
the oil industry where the main requirement is for use in analysing
laterally loaded offshore piles. These piles generally extend to great
depths below the seabed and are subjected to extreme lateral loads during
storm conditions. The American Petroleum Institute (API) has developed
p-y curves that can be used in the design of such piles located in soft,
clayey soils, API Code RP2A (1984). The API curves are widely used
for short-term static loading and cyclic loading and are reproduced in
Fig. 2.9. In this figure the axes are normalised by the ultimate lateral
resistance offered by the soil p, and the limiting horizontal displacement
v, It can be seen from this figure that the soil resistance is degraded
severely with increasing lateral deflection of the pile in the presence of
cyclic loading. This is in contrast to the static loading case where full
lateral resistance is mobilised at large lateral deflections.

12
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Fig. 2.9 API curves for soft clay
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For the purposes of Fig. 2.9, the ultimate lateral deflection y, can be
estimated from the data from an undrained triaxial compression test and
using Eq. 2.23.

Y, =2.585D (2.23)

where D is the diameter/width of the pile and &5 is the strain at 50% of
the maximum stress in an undrained triaxial compression test.

2.7.3 p-y analysis under earthquake loading — level ground

The p-y methodology developed for laterally loaded piles has been
extended to the analysis of piles subjected to earthquake loading. During
an earthquake the soil layer will suffer displacements. A pile passing
through the soil layer will also suffer displacements which are different
from the free-field displacements as demonstrated in Fig.2 earlier. In
contrast to the case of static lateral loads applied to piles discussed in
Sec. 2.7.1, the p-y analysis for the earthquake loading case would
consider relative horizontal displacement of the pile with respect to the
soil at any given point along the pile. So the soil resistance p at any
location is related to the relative displacement of the pile y. Once this
distinction is made the same methodology as discussed in Sec. 2.7.1 can
be used.

Two aspects are to be noted in the context of p-y analysis applied to
piles in level ground subjected to earthquake loading. Firstly, the bending
deformation mode of the pile can become very important as this will
influence the lateral displacements of the pile relative to the soil. For
example, as illustrated in Figs. 2.1 and 2.2, the inertial and kinematic
loads can cause different bending mode shapes depending on the
following factors:

i.  relative stiffness of pile with respect to the soil;

ii.  translation and/or moment restraint condition at the pile top i.e.
whether the pile cap is restrained from translation and/or
rotation;

iii.  moment fixity offered at the pile tip;

iv.  fixity length required when a pile passes from a loose soil layer
to a stiff soil layer.
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Accordingly, the relative displacement of the pile with respect to the
soil can change thereby affecting the magnitude and location of the soil
resistance p offered by the soil.

The second aspect of p-y analysis that needs to be considered
carefully is if one or more soil layers through which the pile is passing
suffers liquefaction during an earthquake event. In such cases it is
important to consider the degradation in the soil stiffness and strength
owing to accumulation of shear strain and/or generation of excess pore
pressure. Similarly any changes in the excess pore pressure due to
dilation of soil, say, when the stress path crosses the Phase
Transformation Line should be considered. (Ishihara, 1993). For
example, a strong cycle of shaking of an already liquefied ground can
cause local dilation of soil which is manifested as suction (drop in excess
pore pressure). This will cause a temporary stiffening of the soil which,
at that instant, can offer an increased soil resistance p to the pile. This is
particularly important if the transient loading on the pile exceeds the
residual loading at the end of the earthquake event. These aspects are
considered in further detail in Chapters 3 and 4.

2.7.4 p-y analysis under earthquake loading — sloping ground

Sloping ground often presents the additional problem of lateral spreading
particularly if there is a nonliquefied crust on the surface, as discussed
above. Before considering the nonliquefied crust, let us consider the case
of a sloping ground that suffers liquefaction and hence undergoes lateral
spreading. The p-y methodology presented in Sec. 2.7.3 can be extended
to include the effects of lateral spreading in sloping ground. Goh and
O’Rourke (1999) developed a set of normalised p-y curves for smooth
and rough piles as re-plotted in Fig. 2.10. These curves were developed
based on a series of finite element analyses and the authors show good
agreement of these curves with dynamic centrifuge test results conducted
by Abdoun (1997) at RPIL. In Fig. 2.10 the soil resistance p is normalised
by the undrained shear strength S, and the pile diameter D. The relative
pile—soil displacement y is also normalised by the pile diameter D. In this
figure the theoretical upper bounds for the smooth and rough circular
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piles proposed by Randolph and Houlsby (1984) are also shown. Figure
2.10 illustrates the strain softening behaviour of the laterally spreading
soil for both smooth and rough piles.

While designing piles in layered soils on a slope, the additional
loading from nonliquefied crusts must be considered. The nonliquefied
layers can be treated as additional layers with an appropriate p-y
response. If the nonliquefied layer consists of stiff, over-consolidated
clay then the p-y curve may include quite a stiff response for small lateral
displacements followed by a softer response at large displacements,
similar to the p-y curves in Fig. 2.10. On the other hand, if the
nonliquefied layer is soft clay, then the p-y curve may include a soft
response. These are shown schematically in Fig. 2.11.
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Fig. 2.10 p-y curves for laterally spreading soil, re-plotted from Goh and O’Rourke
(1999).
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Fig. 2.11 p-y curves for stiff and soft clay.

As in the case of level ground, the transient loading on the piles needs
to be considered while designing the piles to ensure their safety during
the earthquake loading itself. So the actions on the pile that arise due to
the dilation of liquefied ground and its subsequent stiff response must be
included in the p-y response. Haigh (2002) proposed inclusion of excess
pore pressure as a variable to modify the p-y curves for liquefiable soil
layers. A family of p-y curves is considered, in which higher curves are
associated with weak events that result in low excess pore pressure ratio
r. (low strength earthquakes), while lower curves are used in the case of
strong events that result in high excess pore pressure ratio r, (medium to
strong earthquakes). This modification of the traditional p-y analysis is
very useful to allow for soil strength degradation with excess pore
pressure generation.
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Fig. 2.12 Modified p-y curves for liquefiable soils.

2.8 Limit Equilibrium Analysis of Piles Subjected to
Earthquake Loading

Limit equilibrium analyses are quite popular in the design of retaining
walls, shallow foundations and other geotechnical structures. It is
possible to carry out limit equilibrium analyses to calculate the bending
moments and shear forces in piles in laterally spreading soils. Such
analyses are considered as an alternative to the p-y analysis discussed in
Sec. 2.7 and would generally involve further assumptions.
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2.8.F Limit equilibrium of piles in laterally spreading soils

Let us first consider the simple case of single piles in laterally spreading
soils overlying a dense soil layer, as shown in Fig. 2.13a. There is no
nonliquefied crust above the spreading soil. In this case it is
straightforward to establish a limit equilibrium model using the free body
diagram shown in Fig. 2.13b. This type of analysis was presented by
Dobry et al. (2003) for relatively stiff piles. The results from the limit
equilibrium analysis were validated against centrifuge tests conducted in
loose deposits of saturated Nevada sand with the dense layer simulated
by lightly cemented Nevada sand. (Abdoun et al., 2003).

Let the soil resistance per unit area offered by liquefied soil be p;.
Various researchers have estimated the value of p, to be between 8kPa
and 20kPa based on centrifuge tests on flexible and rigid piles in laterally
spreading soils and based on centrifuge tests in which shear wave
velocity measurements were made in liquefied soils. (Dobry et al., 2003;

Haigh, 2002; Ghosh and Madabhushi, 2002).
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Fig. 2.13 Single pile in laterally spreading soil.
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Using this, the force applied by the liquefied soil on the pile can be
calculated following Eq. 2.24.

F,=pDL (2.24)

The maximum bending moment will clearly occur at the interface
with the dense soil and its magnitude will be;

1
M, = Ep,DLZ (2.25)

If a pile cap of resisting area 4, is present at the top of the pile within
the laterally spreading soil, the force acting on the pile will increase by p;
A.. The maximum bending will also increase as shown in Eq. 2.26.

1
M = p,Lb DL + Ac} (2.26)

The rotational spring K, is not required for estimating the maximum
bending moment. However, a value of K, is required if the lateral
displacement of the pile top is required. Dobry ez al. (2003) quote a value
of 5738kNm/rad as the rotational stiffness for lightly cemented Nevada
sand used in their centrifuge tests.

As an example, if we consider a 0.5m diameter passing through a
10m thick liquefied layer suffering lateral spreading and entering into
lightly cemented dense sand below, the maximum bending moment can
be calculated using Eq. 2.26. Let us assume that the upper bound value of
pi = 20kPa is exerted by the liquefied soil on the pile.

M, :%x20x0.5x102 =500kNm (2.27)

ma;

If the lightly cemented dense sand is assumed to have a rotational
stiffness of 5738kNm/rad quoted by Dobry et al. (2003), then the lateral
displacement at the pile top can be calculated as

5, — Moy _ SO0
K, 5738

r

x10=0.87Tm (2.28)

Clearly this is quite a significant lateral displacement for the pile. In
addition it should be noted that such large lateral displacements can be
amplified significantly by any superstructure load acting on the pile
giving rise to large P —A effects on the pile. This aspect was discussed
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by -Brandenberg et al. (2005b) following research conducted at
Cambridge on pile instability by Bhattacharya et al. (2004, 2005) and
Knappett and Madabhushi (2005). Generally, piles by their very nature
will be carrying large axial loads from the superstructure and therefore it
is very important to consider the effects of axial loading on the piles on
the stability of the pile as the soil suffers liquefaction and undergoes
lateral spreading. These aspects are considered in further detail in
Chapters 3 and 5.

2.8.2 Limit equilibrium analysis in the presence of nonliquefied crust

2.8.2.1 Stiff clay as a nonliguefiable layer

Let us now consider the case of a single pile of diameter D passing
through a stiff clay layer of thickness /# and a liquefiable sand layer of
thickness L before entering dense, nonliquefiable soil as shown in
Fig. 2.14. As described in Sec. 2.1.3 and seen in the case histories in
Sec. 1.5 of Chapter 1, this type of soil stratification is susceptible to
lateral spreading and the stiff clay layer above the liquefiable sand will
undergo lateral spreading and is capable of subjecting the pile to large
lateral loads as passive soil pressures are generated.

Dobry ef al. (2003) describe a limit equilibrium-based procedure for a
similar soil configuration for a relatively flexible pile passing through a
lightly cemented soil layer at the top and then through a thicker layer of
liquefiable sand before entering yet another layer of nonliquefiable
material at the bottom, also made up of lightly cemented sand. The same
procedure can be modified for the case of a stiff clay layer at the top
acting as the nonliquefiable crust. The general procedure of limit
equilibrium analysis is described first before discussing some of the
limitations.

When the sloping ground suffers lateral spreading following an
earthquake event, both the liquefiable layer and the stiff clay layer on the
top will suffer lateral spreading. This will cause the pile to deform as
shown schematically in Fig. 2.14a in dashed lines. As in Sec. 2.8.1, free
body diagrams of the soil pressures and hence forces acting on the pile
can be sketched as shown in Fig. 2.14b. For this analysis let us consider
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points A and B on the pile at the top and bottom of the liquefiable layer.
Let point D be the top of the pile. At a certain depth z,, below the top of
the pile, a point C is considered. This point C demarcates a shallow
region of the stiff clay layer which applies a passive pressure from the
down slope side on to the pile and the deeper region of the stiff clay layer
which applies a passive pressure from the upslope side on to the pile as
indicated in Fig. 2.13b. Further, a rotational spring with stiffness K, is
assumed at point B similar to the one considered in Sec. 2.8.1. This
spring models the resistance offered by the lower layer of nonliquefiable
soil to the pile.

Let us assume that the stiff clay layer above the liquefiable layer has a
unit weight of y and undrained shear strength of S,. Consider the passive
soil pressures in this layer at points D, C and A. From point D to C the
passive pressure varies linearly from 2S, to 2S, + yz, and acts from right
to left. Similarly from points C to A the passive pressure varies from 2S,
+yz to 28, + yh and acts from left to right on the pile.

p=18,

) %
p=28, +pz,
C P=25,+5%,
M,
| '

A
p=28, +yh VH-I = Ha
M, R

[
i
Liquefiable sand A5 L
i

Non-liquefiable soil

Hpg

M .q_.'

el T
G & h_/
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b) Free body diagram of pile segments

a) single pile configuration

Fig. 2.14 Single pile passing through a laterally spreading soil and a nonliquefied crust.
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‘Dobry et al. (2003) assume that for flexible piles when the
nonliquefied layer on the top is stiff, the following assumptions can be
made.

i.  The pile remains in the elastic range and no plastic hinging

occurs in the piles.

ii.  Only small to moderate amounts of lateral spreading occur.

iii.  The liquefiable layer itself exerts very little lateral pressure on
the pile during lateral spreading, such that

1v. M ,~—-M, i.e. moment loading acting on the top and bottom of
the pile segment passing through the liquefiable layer are
approximately equal.

With these assumptions, the following equations can be written from
limit equilibrium considerations.

H,= [25*“ +-;—(h + zps)}(h—zps)D—[2Su +§zm}sz (2.29)
Hy=H, (2.30)
z,| D 2
M, :2DSuzp{h—7"]+?}/zfm{h—gzm}
(2.31)
-=[28,+yz, |[h-z, |- rh-z,)
My=M,-H,L (2.32)

The four static equilibrium equations given as Eqs. 2.29-2.32 are not
sufficient to calculate the five unknowns H,,H,,M,,M, and z, .
Dobry et al. (2003) suggest that the bending moments in the pile at the
top and bottom of the liquefiable layer are approximately equal,
IM A| ~ |M |- and use this as the extra condition for solving the equations
2.29 to 2.32. This assumption was based on centrifuge test data reported
by Abdoun ef al. (2003) and is perhaps valid only for flexible piles and
relatively stiff nonliquefiable layer as pointed out by the discussion of
Brandenberg et al. (2005b).
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Limit equilibrium analyses are generally carried out using the ‘worst
case loading’ scenario. It must be pointed out that in the above analysis
the worst case loading occurs when z, =0. Brandenberg ez al. (2005b)
comment on this worst case ‘Limit State’ and suggested modifications to
the above equilibrium equations, for the case of lightly cemented soil
forming the nonliquefiable crust reported by Abdoun er al. (2003).
Similar modifications are shown below for the case considered here
based on a stiff clay layer forming the nonliquefiable crust.

When z,, = 0, there are no passive earth pressures acting on the pile
from right to left as shown in Fig. 2.15a and b. The pressure exerted by
the liquefied soil layer p, can also be easily incorporated into the analysis
as shown in Fig. 2.15b. The pile may suffer deflections as suggested by
the dashed line in Fig.14a. This will of course depend on the stiffness of
the nonliquefiable layer, the flexural stiffness of the pile and the
geometry of the problem, i.e. the thicknesses of the nonliquefied crust 4
and the thickness of the liquefiable layer L. For the limit state shown in
Fig. 2.15 the following equilibrium equations can be written.

H, = hD[Z S, +% 7/4 (2.33)

H,= hD[ZSu +—;—}/h:|+p,LD (2.34)

M, :hD[Suh+%yh2} (2.35)

M,= hD[sum%th}hm{zsu +—;—7h}+%p1DL2 (2.36)

For a given geometry of the problem, i.e. 4, L and D and knowing the
undrained shear strength of the stiff layer S, and estimating the pressure
exerted by the liquefied sand layer p; using the range of values observed
in the centrifuge tests (8kPa to 20kPa) as discussed in Sec. 2.8.1, the
above four equations can be used to calculate H,, Hg, M, and M. The
problem has now become determinate as there is no fifth unknown z,,.
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Fig. 2.15 Limit State for a single pile passing through laterally spreading stiff clay layer.

2.8.2.2 Dense sand as a nonliquefiable layer

Another common condition that is encountered in the field is a dense
sand layer above the liquefiable layer. This can occur in the field due to
natural deposition or densification efforts prior to construction. The
water table could be present at a depth of A, thereby rendering the
shallow soil layer above this to be nonliquefiable. A typical
configuration is shown in Fig. 2.15. For this case let us include a fixing
moment My,, at the pile head. This moment could arise due to resistance
to rotation offered by the framing action of a pile group and/or the
rotational restraint offered by the superstructure.
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Fig. 2.16 Limit State for a single pile passing through laterally spreading dense sand
layer.

For the limit state shown in Fig. 2.16 the following equilibrium
equations can be written, assuming that full passive earth pressure
coefficient K, in the dense sand layer is mobilised at limit state.

H, =%prth (2.37)
HB=%KPthD+p,LD (2.38)

M, =%Kprh3 -M,,, (2.39)
MB=%Kprh3+%prh2LD+%p;DL2_MTﬂp (2.40)

Let us consider a practical example for this case. Let us assume a 3m
thick nonliquefiable layer with a unit weight of 16kN/m® and peak
friction angle of 35°. This layer overlies a 10m thick liquefiable sand
layer. Consider a pile which has 0.5m diameter passing through these
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layers and entering into a nonliquefiable dense sand layer below. Assume
the upper bound value for the pressure applied by the liquefied sand p; of
20kPa. Let us also assume a resisting moment of 200kNm from the pile
cap applied at the pile head.

1+sing
=—2==37
P 1-sing (2.41)
Therefore, using Eqs.2.37 and 2.38 we can calculate H, and Hj as
HA:—;—x3.7x16x32x0.5:133.2kN (2.42)
Hy,=H 4+ p,DL=133.2+20x0.5x10=233.2kN (2.43)

Similarly, using Egs. 2.39 and 2.40 and the value of resisting moment
from pile cap at the pile head, we can calculate M, and M; as

M, =153.37%0.5¢16x 3’ — 200 = 78 7kNm (2.44)

76
MB:—78.7+133.2x10+%x20x0.5x102—200:1553.3kNm (2.45)

Thus it is straightforward to use the limit equilibrium equations to
determine the shear force and bending moment distributions in pile
foundations.

2.9 Provisions in Eurocode 8

Eurocode 8 — Part 5 (2003), which deals with geotechnical aspects of
earthquake engineering, has certain provisions applicable to the design of
pile foundations in seismic regions. This code also has a methodology to
determine the liquefaction potential of a site using a modified form of the
Seed and Idriss type chart between the cyclic resistance ration (CRR) and
the corrected SPT N values. The general pile design under static loading
both axial and lateral loading is covered by Eurocode 7 (1997) on
geotechnical design. It must be pointed that Eurocode 8 does not
consider exclusively the design of piles passing through liquefiable soil
deposits. Some of the useful guidelines offered by Eurocode 8 are
presented here.
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2.9.1 Combination rules

Since the response of the soil and structure will be at different natural
frequencies, the combination rules given in Clause 4.3.3.5 of Eurocode 8
— Part 1 (2003) that deals with seismic actions can be used to calculate
the cumulative effect of kinematic and inertial interaction.

2.9.2 Pile head fixity coefficients

Eurocode 8 — Part 5, Annex C provides guidance on the pile head
stiffness coefficients for the three types of idealised soil stiffness profiles
presented earlier in Fig. 2.4. These are reproduced in Table 2.3 and can
be used in preference to the flexibility coefficients presented earlier in
Sec. 2.2.2, Table 1. As before, the key parameters are: E is the Young’s
modulus of the soil (= 3G, undrained loading assumed), E, is the
Young’s modulus of the pile material, E; is the Young’s modulus of the
soil at one pile diameter depth, D is the pile diameter and z is the pile
depth.

Table 2.3 Static stiffness of flexible piles embedded in three soil models.

Soil Model
3

KHH
DE.\'

KMM
D’E,

KHM
DE,

Linear variation

E=E =
D

Square Root variation

bz
‘ND

Constant
E = E.V

E 035
0.60 [—PJ
E.\'

E 0.2%
0.79| =&
E,
£ 021
1.08(—PJ
E.\

E 0.80
0.14[—P]
E.\'
E 0.77
0.15(—£J
E.Y
5 0.75
0.16[—”]
E.V

P 0.60
—0.17[—"]
E.\'
£ 0.53
—0.24[—P]
E,
£ 0.50
—0.22(—”]
E.\'

Once the loads on the pile heads and the pile cap are determined as
discussed in Sec. 2.3, the stiffness coefficients in Table 2.3 can be used
to determine the lateral and cross pile head displacements and the pile
cap rotation.
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A few points need to be made here to clarify the above flexibility
coefficients. Eurocode 8 still uses the Young’s modulus of soil £; as seen
in Table 2.3. As discussed earlier this parameter is not a satisfactory
parameter for soil stiffness, which is a highly nonlinear parameter.
Further, the Young’s modulus of soil E; for the purposes of Table 2.3, is
to be estimated at a depth of one pile diameter. The mean effective
confining stress at such shallow depths will be very small and therefore
the definition and use of E; at such depths is doubly disappointing.

Secondly, the use of Young’s modulus of the pile material E, also
warrants some forethought. As it is the pile stiffness one is after, use of
Young’s modulus instead of flexural rigidity £/ needs to be implemented
carefully in design calculations. For example, if a hollow, steel, tubular
pile is being designed then the Young’s modulus of the pile needs to be
corrected to account for the hollow pile. This can be achieved by using
the following equations, for example.

E

— 4

E p_corrected 7 Ji
( solid/ tubular)

Where /4 is the second moment of area of an equivalent solid pile and
Lbuiar 15 the second moment of area of a tubular pile.

Eq. 2.46 can be simplified for a hollow, circular pile into Eq. 2.47
below.

(2.46)

E

P

EPACUrreL'fed = ( Df /{ Df B D,-4}) (2.47)

where D, is the diameter of a solid pile and the outer diameter of
tubular pile and D; is the inner diameter of a tubular pile.

2.9.3 Kinematic loading

Eurocode 8 — Part 5 (2003) notes that bending moments due to kinematic
interaction only need to be considered when all the following conditions

apply.
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i.  Ground profile is of type D, S; or S; and contains consecutive
layers of sharply differing stiffness.

ii. The zone is of moderate or high seismicity (i.e. aS exceeds
0.1g), and the structure is of importance class III or I'V.

Further, Eurocode 8 — Part 5 requires piles to remain elastic, though
under certain conditions they are allowed to develop plastic hinges at
their heads. The regions of plastic hinging should be designed according
to Eurocode 8 — Part 1 (2003), Clause 5.8.4.

2.10 Summary

Earthquake loading on pile foundations can be mainly classified as
inertial and kinematic loading. Inertial loading on the pile arrives from
the superstructure while the kinematic loading on the pile is generated by
relative displacements between the pile and surrounding soil during and
immediately following the earthquake. In this chapter inertial and
kinematic loadings on pile foundations were considered for idealised soil
profiles. Methods of analysis were presented firstly for inertial loading
based on pile flexibility coefficients. Methods for estimating the
kinematic loading in level ground and sloping ground were also
presented.

p-y analysis is very popular for piles subjected to static lateral
loading. This method is similar to 7-z analysis for determining the axial
response of piles. Both of these analysis methods are introduced in this
chapter. Extension of the p-y analysis method for the case of earthquake
loading on piles was discussed both for the simple level ground case and
for sloping ground suffering lateral spreading. Use of limit equilibrium
methods for estimating the maximum bending moments and shear forces
in piles were introduced for the case of sloping ground both with and
without a nonliquefiable crust. Finally, the provisions of Eurocode 8 that
deal with the design of structures subjected to earthquake loading were
introduced, particularly those relevant to pile foundations. The
modifications suggested by Eurocode 8 to pile flexibility coefficients
have been presented.



Chapter 3

Accounting for Axial Loading in Level Ground

3.1 Liquefaction as a Foundation Hazard

3.1.1 Liquefaction

When saturated soil is subjected to seismic shaking, densification leads
to a reduction in pore volume. If this happens more rapidly than the pore
water can flow out of the compressed voids, pore water pressure
increases. When the excess pore pressure generated in this manner is
equal to the initial effective stress, the inter-granular effective stress will
be negligible and the soil is said to be liquefied. The degree of the rise in
the excess pore pressure can be defined by the excess pore pressure ratio

(ro)
_Au

v,
v 3.1)

where Au is excess pore pressure and o'y the initial effective stress.
When loose sands become fully liquefied (r, = 1), they can sustain large
shear strain (flow) at constant volume. (Ishihara, 1993). If a structure is
to be founded on liquefiable ground it is often desirable to use piles as
these may be designed to extend through the liquefiable soil to bear in
more competent underlying layers. In this way, the structural weight that
is carried in the piles in the form of axial load may be transmitted to a
more resilient stratum of soil to avoid large liquefaction-induced
settlements which may be associated with shallow foundations.

As liquefiable soil is commonly sandy in composition, the more
competent bearing layers underlying liquefiable soil deposits tend to also

80
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be sandy, but of increased density. Considering the mechanism by which
excess pore pressure is generated at the micro-mechanical scale, dense
sands are commonly assumed to remain competent during strong
shaking. Coelho et al. (2003) and Elgamel et al. (2005) have shown by
dynamic centrifuge testing that significant excess pore pressures can be
generated due to seismic shaking in dense saturated sands. Unlike in
loose sands however, applied shear strain leads to a reduction in excess
pore pressure and consequent stiffening. Large permanent displacement
may be accumulated from small cyclic incremental shear strains. This
process is called cyclic mobility. (Castro, 1975; Castro and Poulos,
1977).

G ._Au c'vo, AU
—X a) " b) »
Au A
T'vo Gvo
i | | | | ———
------- time ¢, t ty

V =t \
Depth Depth

Fig. 3.1 Progression of liquefaction front within a shaken column of saturated soil (a)
liquefaction, front moving from top-to-bottom (b) reconsolidation, front moving upwards.

Due to the increase of effective stress with depth in the ground,
liquefaction proceeds in a ‘top-down’ fashion as the upper layers of solil
require a smaller increase in excess pore pressure to become fully
liquefied (Fig. 3.1). This was originally shown by Florin and Ivanov
(1961), and leads to the concept of a liquefaction front which moves
downwards in the soil as shaking progresses (Fig. 3.1a). For a soil
stratum which is liquefied through its entire depth, the excess pore
pressures will be higher at the bottom than at the top so that there will be
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an upwards hydraulic gradient within the soil. Following the end of
shaking, this gradient will cause the soil to reconsolidate from the bottom
up (Fig. 3.1b).

3.1.2 Determination of liquefaction susceptibility

The extent to which liquefaction is expected to occur in a given soil
profile is often accomplished from SPT or CPT tests and empirical
correlations. One of the most commonly used methods is that of Seed
and Idriss (1971), which, in its current form can incorporate the effects of
soil overburden and fines content and can be used with both SPT N-value
and CPT tip resistance (q.). (Idriss and Boulanger, 2004). These
correlations plot the Cyclic Resistance Ratio (CRR) which is the cyclic
stress ratio causing full-liquefaction for a magnitude 7.5 earthquake
against normalised SPT N-value, (N)¢o or CPT tip resistance. For a
given earthquake, the induced Cyclic Stress Ratio (CSR) is calculated. If
CSR >CRR then the soil is considered to be fully liquefied. Due to the
analogy between piles and cones, CPT data is commonly preferred in the
design of piled foundations. As a result, this book will focus on the use
of CPT data for liquefaction evaluation.

These empirical methods are limited, however, as they can lead to
loose sands being classed as ‘liquefiable’ while dense sands are
considered ‘nonliquefiable’ due to their higher cone resistance. An
example of this is shown in Fig. 3.2, in which the values of CSR
computed for the two depths shown correspond to a magnitude 7.5
earthquake causing a peak horizontal acceleration of 0.2g. In this
example, the correlation suggests that the loose soil will be problematic
as it will fully liquefy. However, it is not possible to say anything about
the degree of excess pore pressure rise within the dense layer, other than
that r, will not reach a value of one. As will be seen later in this chapter,
the development of significant excess pore pressures in dense soils
(commonly used as pile bearing layers) can lead to bearing capacity
failure and excessive settlement of piles, even if r, does not reach a value
of one in these layers.



Design of Pile Foundations in Liquefiable Soils 83
Pile A 4
] : — 06
' Loose sand & LIQUEFIED
E H Dy = 35% E 0.5 - a }
::. gc= 8.6 MPa (S
1z= o
' w 04 Loose
¥ in ('3 sand
! 8 {z=5m)
v : c 0.3 4 Ld i
i i Dense sand % )4
i D~ 85% ® 02 A Sney
# =201 MP @ sed
Lie Qe =<U. a © (z=15m)
21;m E 0.1 1
o NON-LIQUEFIED
o Ll Ll T L]
0 50 100 150 200 250

Normalised cone resistance, q./p,

Fig. 3.2 Example showing the limitations of empirical methods for determining the
hazard posed to piled foundations by liquefaction (N.B. p, = atmospheric pressure =
100kPa).

It is now possible to undertake more sophisticated site response
analyses to determine full time histories of excess pore pressure
generation in heavily non-uniform soil profiles. This is made possible
using advanced constitutive models for liquefaction such as that
proposed by Yang et al. (2003). This particular model has been
incorporated into a simple site response tool, CYCLIC 1D
(http://cyclic.ucsd.edu/), which allows designers to determine the excess
pore pressure at any depth within a body of soil at a given site and for a
given earthquake. The ability to make such estimations of expected
excess pore pressures is important as the following discussion of the
effects of axial load on pile behaviour in liquefiable soil will link pile
behaviour to the excess pore pressures developed within the surrounding
ground.
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3.2 Influence of Axial Loading on Pile Failure

The design of piles under static conditions essentially involves selecting
pile dimensions and axial loads to ensure that there is an adequate factor
of safety (FOS) against bearing failure and that excessive settlement will
not occur. The layout of the foundation may then be optimised to ensure
that the piles support the structure in the most efficient way possible,
thereby minimising the cost of the foundation.

Under seismic conditions the effects of lateral inertial and kinematic
loading on the pile (c.f. Chapter 2) are often assumed to dominate over
axial loads in terms of inducing pile failure. Additional design work will
then concentrate on determining the bending moments and shear forces
generated within the pile due to combinations of inertial and kinematic
loads, which are checked to ensure that bending or shear failure of the
piles does not occur. In liquefying soil however, the changes in effective
stress around a pile can lead to additional axial modes of failure when the
pile carries significant axial load.

For end-bearing piles the reduction in effective stress around the pile
shaft and base can lead to a reduction in shaft and base capacity and
excessive settlement (Knappett, 2006). This is discussed further in
Secs. 3.3 to 3.5. High excess pore pressures around the pile shaft can
also lead to a reduction in lateral pile support. If the soil beneath the pile
retains some of its strength (e.g. clay or rock) then the loss of lateral
support can lead to instability (buckling) of the pile. (Bhattacharya ef al.,
2004). This is examined in Sec. 3.6. Finally, in Sec. 3.7, the transition
from bearing failure to unstable collapse will be examined for floating
pile groups, which may suffer from both effects. This will be presented
in the form of charts that may be used in preliminary pile sizing to
indicate the degree of excess pore pressure rise required to induce axial
pile failure for various pile geometries and constructions.

It is commonly assumed that the FOS employed in selecting axial pile
loads during static design will be sufficient to ensure that axial failure
will not occur during liquefaction. However, due to the high degree of
uncertainty involved in making this assumption, a high FOS may be used
during static design. This can lead to foundations that, for most of their
design life (i.e. when not subjected to earthquake shaking), are very
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inefficient. By studying the various possible axial pile failure
mechanisms in liquefiable soil (detailed above), it will be possible to
make more deterministic estimates of suitable FOS, thereby reducing the
uncertainty currently inherent in the selection of this important
parameter. As a result, it will be possible to design more efficient
foundations in liquefaction-prone regions and allow designers to have
more confidence in the suitability of their foundation solutions.

3.3 Axial Load Transfer Due to Liquefaction

3.3.1 Ligquefaction-induced (co-seismic)

Axial load transfer in piled foundations during liquefaction has only
recently attracted significant research interest. Rollins and Strand (2006)
conducted tests on a full-scale instrumented pile. This was installed
through 8m of loose saturated sand, into a bearing layer of denser sand to
~25 pile diameters (D). Liquefaction was induced by blasting within the
loose (liquefiable) layer. The pile was observed to settle by less than
7mm (0.02Dg) and the shaft friction within the loose layer reduced to
approximately zero as a result of liquefaction.

In the aforementioned work by Rollins and Strand (2006), no blasting
was carried out in the dense bearing layer. As a result, the underlying
dense sand-bearing layer in which the pile was founded did not suffer a
significant increase in pore pressure and was therefore able to mobilise
sufficient resistance to prevent excessive settlement of the pile. As
mentioned in Sec. 3.1, although dense sands may not liquefy, significant
excess pore pressures can be generated. Knappett (2006) and Knappett
and Madabhushi (2008a) report dynamic centrifuge test results for 2 x 2
instrumented pile groups passing through loose liquefiable sand and
bearing in dense sand. Liquefaction was induced by sinusoidal
(harmonic) base shaking allowing for the development of excess pore
pressures within the bearing layer. The resulting load transfer occurring
during one of these tests is shown in Fig. 3.3.
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Fig. 3.3 Changes in load carried by piles and pile caps for foundations in which
significant excess pore pressure is generated at pile tip level.

Figure 3.3 shows the response of the pile group (in terms of the cyclic
lateral displacement and group settlement of the foundation) along with
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changes in the bearing pressure on the underside of the pile cap (Aqc,p)
and changes in shaft (Qg.n) and base load (Qpase) Within one of the piles.
From Fig. 3.3, the following conclusions can be drawn.

As excess pore pressures at pile tip level increase, the load
carried by the pile tip reduces. As positive settlement is
occurring this may be interpreted as a drop in bearing capacity.
If the base capacity reduces, giving rise to large co-seismic
group settlement, shaft capacity can be mobilised and increase
during the earthquake. It is currently thought that this is enabled
due to shearing-induced dilation at the interface between the
shaft and the sand, predominantly in the dense (bearing) layer.
Pile group settlement increases in a stepwise manner and is
correlated with the cycles of strong shaking. This suggests that
the settlement is accrued from small inelastic settlements during
each cycle. This would suggest that the process is governed by
cyclic mobility in the dense sand rather than the loss of shaft
friction due to liquefaction within the loose layer.

The pile cap bearing capacity increases with settlement. This is
due to shear-induced reduction in excess pore pressure in the soil
immediately beneath the cap and plays an important role in
reducing pile group settlement (see Sec. 3.4.1).

From these observations, it is clear that liquefaction-induced bearing
capacity failure may occur if the excess pore pressures become
sufficiently high in the bearing layer. Additionally, at lower values of
excess pore pressure, liquefaction-induced settlement may still be
excessive for certain types of structure (e.g. bridges) so that this may
need to be accounted for in the selection of a suitable FOS for a piled
foundation. Methods for including these effects in design will be
discussed further in Secs. 3.4 and 3.5.
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3.3.2 Downdrag (post-earthquake)

Following the end of seismic shaking, liquefied soil will reconsolidate; a
process which starts at the bottom of the liquefied material and moves
upwards (c.f. Sec. 3.1.1). The reconsolidation and settlement of liquefied
sand will impose downwards shaft friction on the section of the pile shaft
within the liquefiable layer. In addition, any nonliquefiable layers sitting
on top of the liquefied sand will also be dragged down and impose
additional downward loads on the piles.

In the aforementioned research of Rollins and Strand (2006) and
Knappett and Madabhushi (2008a) load transfer within the instrumented
piles was measured during the dissipation of excess pore pressures
(reconsolidation). As the piles in each case had different outside
diameters and lengths within the liquefiable layer, the measured
downdrag loads have been normalised by the pile shaft surface area to
obtain an average skin friction value. These are presented in Table 3.1.

Table 3.1 Downdrag loads imparted during reconsolidation of liquefied soil.

Source Measured Shaft length in  Pile diameter Average change in
downdrag liquefiable layer skin friction
(kN) (m) (m) (kPa)

Knappett (2006)  104.5 10.4 0.496 6.5

Rollins and Strand 80 8.0 0.324 -9.8

(2006)

3.4 Pile Settlement

3.4.1 Liquefaction-induced (co-seismic)

The settlement of piles in liquefying soil has been studied by De Alba
(1983), Knappett (2006) and Knappett and Madabhushi (2008a). The
former of these investigations involved examining model piles within a
calibration chamber. All investigations showed increased settlement with
increasing r, at the base of the pile (r,pas). In the latter work, the use of
centrifuge modelling allowed both the axial and lateral response of pile
groups to be examined simultaneously.
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Fig. 3.4 shows the lateral and axial response of a 2 x 2 group of long
piles as shown. The two graphs in Fig. 3.4 show the response at two
different values of pile axial load (represented by FOS). At low values of
Tubases the lateral inertial and kinematic forces on the pile dominate and
the peak cyclic displacements are much larger than pile settlements. As
Tubase iNCreases, lateral displacements of the pile reduce while settlement
increases. It can also be seen from Fig. 3.4 that as the FOS reduces,
significant settlement occurs at a lower value of 1, page.
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Fig. 3.4 Relative magnitudes of settlement and cyclic lateral displacement with increase
in excess pore pressure ratio at pile tip level.
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It is clear, therefore, that even a partial increase in pore pressure in
the bearing layer can lead to damagingly large settlements — it is not an
essential condition for r,pase = 1 to be reached. Despite measurements of
pile settlement having been made during laboratory experiments, the
complex interactions between the pile cap, shaft and base make difficult
the deterministic prediction of pile settlement due to seismic liquefaction.
Empirical methods, however, seem to suggest that for a given limiting
settlement, the minimum FOS required can be directly related to rypage.
Fig. 3.5 shows collated data from the work of both De Alba (1983) and
Knappett (2006). A line can be empirically fitted through these data of
the form

FOS=1+4(r,,,.)". (32)

- quation (2)
gl o Knappett (2006), D, = 85%
o DeAlba (1983), D, = 68%

+ De Alba (1983), D, = 50%

N
T

Minimum FOS
@

¢] 02 0.4 06 08 1

ru,base

Fig. 3.5 Minimum FOS for a given degree of liquefaction at pile tip level for end bearing
piles, showing insensitivity to soil density.

For a limiting pile settlement of 0.1Dy, as shown in Fig. 3.5, A=5.5
and B = 3.5. Figure 3.5 shows that the relationship between FOS and
Iypase 1S relatively insensitive to the density of the bearing layer. De Alba
(1983) further showed that this relationship is also insensitive to
confining stress (or, alternatively, pile tip depth). This is to be expected
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as 1t is implicitly incorporated into the FOS. In the absence of a more
deterministic solution, Fig. 3.5 or Eq. 3.2 may be used to select a suitable
axial load (or FOS) if serviceability criteria are to be met in seismic pile
design (e.g. for an L1-class earthquake).

As previously mentioned in Sec. 3.3.1, the pile cap also has an
important role to play in reducing the settlement of pile groups. Figure
3.6 shows a comparison between two 2 x 2 pile groups of 15.2m length
passing through a loose layer of saturated sand 10.8m thick and bearing
in dense sand. Both pile groups carry the same total vertical load, but
vary in terms of the contact between the underside of the pile cap and the
upper surface of the loose sand. In the figure, the ‘seismically-induced
axial load’ is the additional cyclic component that is imparted at the pile
head due to foundation rocking during the earthquake (i.e. the monotonic

component due to the dead weight of the supported structure has been
filtered out).
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Fig. 3.6 Group settlement, seismically-induced axial pile load and lateral cyclic response
of 2 x 2 pile groups of identical configuration (a) without the pile cap contributing to

group behaviour and (b) including the effect of the pile cap resting on the surface of loose
liquefied sand.
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Two important conclusions can be drawn from Fig. 3.6.

e The cap is able to contribute bearing resistance to the pile group,
which leads to lower group settlement. This is because the cap is
able to ‘take up’ some of the load shed from the pile tips as the
bearing capacity of the bearing layer reduces.

e The cap provides additional rotational stiffness to the pile group
and thereby reduces both the additional axial load that is induced
in the measured pile during shaking and also the lateral
displacements (and hence bending moments and shear forces)
induced in the piles.

The first of these points is particularly important as it implies that if
the piles are designed neglecting the effects of the pile cap (see Sec. 3.5),
then the cap will provide an intrinsic additional FOS against failure.

3.4.2 Downdrag (post-earthquake)

Settlements occurring due to load transfer during reconsolidation of
liquefied sand (c.f. Sec. 3.3.2) may be estimated following the method
presented by Boulanger et al. (2003). This method is essentially a
modification of the neutral plane solution originally developed by
Fellenius (1972). To compute the settlement at a time t,; after shaking has
stopped and the soil is fully liquefied (time ty) requires the isochrone of
excess pore pressure at that time to be estimated. Once this has been
done, analysis follows a three-stage process for each time increment
(to > t1):

e Compute soil settlement profile due to reconsolidation
increment.

o Determine neutral plane location.
Pile settlement increment is value of soil settlement increment at
neutral plane depth (from definition of the neutral plane).

This process is shown schematically in Fig. 3.7.
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Fig. 3.7 Computation of downdrag-induced settlements using neutral plane solution of
Boulanger et al. (2003).

In step one, soil settlements are found by integrating the vertical
strains (g,) in the liquefiable layer, which are in turn found by integrating
the product of the vertical effective stress change and soil compressibility
of the reconsolidating sand, as shown in Eq. 3.3

g, = j o' m. d . (3.3)
where
_ exp(¥)
M= e 10,562 (3:4)
§=5(1.5-D,)r (3.5)
b=3(4") (3.6)

(Seed et al., 1975). In Egs. 3.5 to 3.6, D is the relative density of the
liquefiable soil and my, is the soil compressibility in the absence of any
excess pore pressures (i.e. r, = 0). The soil around the pile is assumed to
reconsolidate so that shaft friction within soil for which r, <1 is assumed
to be given by

O :o“vo(l—ru)KOtanS (3.7
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where 9 is the interface friction angle and K, the coefficient of lateral
earth pressure at rest.

The neutral plane is the depth above which relative soil-pile
settlements are positive and below which, soil-pile settlements are
negative. The depth of the neutral plane (step two) is calculated by
summing the loads on the pile from top to bottom, starting at the pile
head load P and assuming that values of Qg from Eq. 3.7 act downwards
on the pile, then summing the loads from bottom to top, assuming that
Qg within the reconsolidating sand acts upwards on the pile. The point at
which these two lines intersect gives the location of the neutral plane. At
this depth, soil and pile settlements are equal, so that the pile settlement
at a given time may be found by interpolation from the soil settlements
computed in step one.

The example shown in Fig. 3.7 considers a two-layer soil profile of
liquefied soil overlying a more competent bearing layer. The presence of
nonliquefiable crustal layers on top of the liquefiable material may also
be accounted for by the above method. This is presented in further detail
by Boulanger er al. (2003). However, it is important to know that this
case can be more critical as the crustal layers will suffer the same
(maximum) settlement of the top of the reconsolidating soil beneath,
while applying large frictional forces to the pile. It should also be noted
that if the bearing layer is cohesionless and saturated, excess pore
pressures may be generated, lowering the loads carried at the base of the
pile. This should be taken into account during step two (see Eq. 3.8 in the
following section).
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3.5 Guidelines for Designing Against Bearing Failure

It was shown in Sec. 3.3.1 that the development of excess pore pressures
within dense bearing layers leads to a reduction in pile tip bearing
capacity. This is likely to be significant for L2-class earthquakes
involving stronger seismic shaking. It would therefore be beneficial to
be able to predict quantitatively how bearing capacity will reduce as the
excess pore pressure ratio in the soil changes. Ideally, this would provide
a relationship between limiting minimum FOS and 1. with bearing
failure as the limiting condition, similar to Eq. 3.2 for a settlement-based
limiting condition.

By considering a modified spherical cavity expansion solution for
pile base capacity originally proposed by Vesic (1972), and considering
that the effect of the excess pore pressure rise is to reduce the effective
stress around the pile tip, it may be shown (Knappett and Madabhushi,
2008b) that the pile base capacity during earthquake shaking in saturated
501l (Qpase.p) 18 related to the initial static ultimate base load (Qypases) by

3-sin
Qba.\'e,E ¢

Dot (1, i, 69)

where ¢ is the angle of friction of the soil beneath the pile tip. Figure 3.8
shows the displacement response of the pile group discussed in Fig. 3.6,
along with base load measured at the tip of one of the piles and the base
capacity, computed using Eq. 3.8. This shows a correlation between the
onset of large settlements (the change in the gradient in the top region of
the figure) and the base capacity reducing below the value of the applied
pile tip load. This suggests that bearing capacity failure may be avoided
by ensuring that, for a given value of r,p.s., the initial FOS for a given
pile is selected so that the initial base load carried by the pile (Quo) is less
than the minimum base capacity given by Eq. 3.8, i.e.

Oho = Opaerr - (3.9)
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Fig. 3.8 Onset of large pile group settlements as pile base load exceeds capacity as given
by Eq. 3.2.

By combining Eqgs. 3.8 and 3.9 and considering the distribution of
load (and capacity) between the base and shaft of piles in sandy soil, this
leads to

1
FOS 2 Y (3.10)

a,, (1-r, )ising) —r, +1
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where o is the ratio of the static base capacity to the total static pile
capacity, both of which are calculated when undertaking conventional
static pile design. Eq. 3.10 has been plotted in Fig. 3.9 for common
values of ¢ and o, and shows the minimum value of the FOS below
which liquefaction-induced bearing capacity failure would be expected.
The limiting settlement values given by Eq. 3.2 (Sec. 3.4.1) are also
shown for comparison.

4 — 7
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| e = 35° .
3 ot = 0.9
0.1Dg settlement J
25 [Equation (2)] .

Minimum FOS

0 L - T - 1 - T S —
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Fig. 3.9 Design chart to select a suitable FOS during pile design to avoid liquefaction-
induced bearing capacity failure (Eq. 3.4).
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3.6 Instability of Single Piles and Pile Groups

3.6.1 Rock-socketed piles

As detailed in Sec. 3.2, the loss of lateral soil support to a pile due to
liquefaction can cause a dramatic drop in the lateral stiffness of a piled
foundation. Liquefaction-induced instability has recently been
investigated by Bhattacharya (2003) and Bhattacharya ez al. (2004) who
considered single piles and Knappett (2006) investigating 2 x 2 pile
groups. In both series of tests the piles were modelled as rock-socketed
to avoid the possibility of bearing failure so that instability could be
studied in isolation.

Considering the simplest model of liquefied soil as a material having
zero strength and stiffness, a pile passing through a fully liquefied
stratum of soil is expected to behave similarly to an unsupported column.
Under these conditions, the axial critical load at which buckling occurs is
given by Euler’s equation

2
p .= EI
cr (ﬂLp)z (31])
where B is a factor accounting for the fixity at both ends of the pile.
Values of B for common fixity conditions are shown in Fig. 3.10.
Essentially, BL, is the equivalent length of a pinned-pinned strut which
has the same critical load as a strut with the given fixity conditions.

Using Fig. 3.10 in combination with the analogy of piles surrounded
by liquefiable soil as unsupported columns, for single cantilever piles
(fully fixed at the base by the rock socket), B = 2, while for piles which
are part of a group (i.c. fixed at the top by the pile cap, but free to sway)
B = 1. BL, is also termed the effective length of the pile, and can be
normalised by the radius of gyration of the pile section to give the
slenderness ratio, BL,/r,. At low values of slenderness ratio, critical loads
are much higher than plastic squashing loads so that the latter effect
controls failure; such piles are considered ‘stocky’. Piles that fail by
buckling rather than squashing are ‘slender’ and have higher values of
slenderness ratio. Figure 3.11 shows a summary of the results of dynamic
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centrifuge tests on both single piles and piles in groups carrying axial
loads in fully-liquefied soil, which clearly shows that such piles will
buckle if P is exceeded. A poor performance relates to the pile(s)
suffering sudden catastrophic failure.

Fig. 3.10 Fixity factors () for some common fixity conditions.
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Fig. 3.11 Summary of dynamic centrifuge test results on rock-socketed piles in fully
liquefied soil.
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It is also apparent from Fig. 3.11, however, that piles can become
unstable at loads below critical. The reason for this is that piles in level
ground will often have small imperfections from vertical due to lateral
displacement at the pile head, which may occur cyclically due to
earthquake shaking. The presence of axial load will cause amplification
of these lateral displacements. If the amplified displacement creates
sufficient curvature in the pile to cause yield, the pile will collapse at an
axial load lower than critical. Continuing the analogy from earlier in this
section, the effect of imperfections on axial failure loads can be
expressed in terms of the Perry—Robertson Equation:

(0.) ~|o,+ HAzorDzo]% G“+0y%:0' G-12)

4 p P

where o, is the column yield stress, Ay is the size of the imperfection, Dy
is the pile diameter, A, the cross-sectional area of the column and r, and
P, are as defined previously. Eq. 3.12 plots as a continuous curve on
axes of o, versus slenderness ratio (i.e. as in Fig. 3.12).
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Fig. 3.12 Comparisons of computed behaviour for perfect (Eq. 3.11) and imperfect
(Eq. 3.12) piles with experimental data.
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For increasing imperfection size, the maximum stress that can be
sustained before collapse occurs reduces for a given slenderness ratio. In
the centrifuge tests of Knappett (2006), the size of imperfections in the
pile groups before liquefaction occurred was measured and the data
collected has been compared to Eq. 3.12 for a typical value of A,
measured during the tests. This is shown in Figure 3.12, which shows
close agreement between the experimental data and Eq. 3.12.

As well as reducing the axial collapse load, initial imperfections may
be amplified (increased) due to the axial loads present in the piles.
Amplification of lateral displacements has additionally been studied for
unsupported columns by Timoshenko and Gere (1961) in which the
amplification factor is related to the fraction of critical load carried
according to

Amplification = .
P - £ (3.13)

P

In the dynamic centrifuge tests reported previously by Knappett
(2006), lateral deflections were measured at the pile heads before, during
and after liquefaction. Comparison between these results and Eq. 3.13
are shown in Fig. 3.13. It can be seen that the match between observed
and predicted behaviour becomes worse as the piles become more
slender. For stockier piles, the pile flexibility will tend to dominate
compared to that of the soil, while for more slender piles, the soil will
have a much greater influence on the overall response. This would
suggest that the differences between the two sets of results is due to the
stiffness of the liquefied soil being underestimated by considering it to be
zero. Improved estimates of soil stiffness would therefore be expected to
improve the match at high slenderness ratio while having a smaller effect
on the better match at lower slenderness.
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Fig. 3.13 Comparison of measured amplifications from dynamic centrifuge tests against
predictions using a zero strength and stiffness soil model, Eq. 3.13.

In the case of both single piles and pile groups, the onset of instability
leads to collapse due to the formation of plastic hinges in the piles. For
soil liquefied over its full depth, the locations of maximum bending
moment (and therefore also plastic hinges) would be expected to occur at
the bottom of the piles socketed into underlying firm ground (e.g.
bedrock), and immediately beneath the cap (in the case of a pile group).
However, observations of collapsed piles and pile groups from centrifuge
model tests revealed that while hinges did form beneath the pile cap, the
lower set of hinges occurred at an intermediate depth in the piles.
Bhattacharya (2003) proposed that this was due to resistance developed
within the liquefied soil as the pile shears the soil. Simplifying the soil
reaction as a constant value with depth which is independent of relative
soil-pile displacement gives the following equation for the depth below
pile head level at which the pile hinge would form in a cantilever (free-

head) pile:
’EI
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where P = axial pile load and EI = pile bending stiffness. Eq. 3.14 was
found to predict hinges at an intermediate depth within a single free-head
pile and gave a reasonable match to observed hinge locations.

Detailed measurements of the response of liquefied soil to large
monotonic relative soil-pile displacement by Takahashi et al. (2002) and
Towhata et al. (1999) have revealed that the lateral soil-pile reaction is
highly nonlinear with lateral displacement. At low lateral soil-pile
displacement, the resistance of the soil is at a low residual value. After a
certain displacement however, the local excess pore pressures around the
pile begin to drop sharply, leading to a consequent increase in soil-pile
resistance. Takahashi et al. (2002) termed this displacement (when
normalised by pile diameter) the reference strain of transformation (y,)
as it qualitatively indicates a phase transformation point at which the soil
switches from contractile to dilative behaviour. They further found that
its value is heavily dependent on pile shearing velocity, with y, reducing
as shearing velocity increases. y; also increases with depth corresponding
to suppression of dilative behaviour under increasing total stress. The
lateral soil-pile behaviour during large displacement events (e.g. the
post-buckling behaviour of a pile) is shown schematically in Fig. 3.14.
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Fig. 3.14 Schematic representation of liquefied soil response to soil-pile relative
displacement.
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“In modelling the response of pile groups, Knappett (2006) undertook
numerical modelling using a beam on nonlinear Winkler foundation
(BNWF) model so that nonlinear lateral soil-pile behaviour of the form
shown in Fig. 3.14 could be modelled. These models were analysed
using a Riks Algorithm, which can model the full post-buckling response
(plastic collapse) of pile groups as the axial critical load is approached.
(Riks, 1972; 1979). Prior to collapse, the amplification of lateral
deflections can also be examined within the same model. Figure 3.15
shows a comparison between the collapsed mode shape and pile stresses
from the numerical model with the corresponding mode shape and
observed locations of plasticity from the corresponding centrifuge model.
The numerical model is also able to give improved predictions of
amplification, as shown in Fig. 3.16. This confirms that it is the liquefied
soil response which is responsible for the mismatch between predicted
and measured amplification shown in Fig. 3.13.
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Fig. 3.15 Comparisons of numerical post-buckling simulations with centrifuge test
results: (a) collapse mechanism from simulation; (b) Von-Mises stresses within piles
showing vyield locations; (c) permanent (plastic) deformations of centrifuge model
measured post-test (displacements at exaggerated horizontal scale).
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Fig. 3.16 Amplification of lateral displacements due to axial load acting on 2 x 2 pile
groups in fully liquefied soil, showing the improvement in prediction using the soil-pile
interaction behaviour shown in Fig. 3.14 compared to simple predictions using Eq. 3.13.

3.6.2 Floating piles

The previous section (3.6.1) demonstrated how rock-socketed piles, i.e.
piles with practically infinite bearing resistance, can buckle during
liquefaction. For pile groups consisting of floating piles, there is
additionally the possibility of failure in bearing as outlined in Sec. 3.5.
As the bearing resistance varies with the depth of the liquefaction front
(expressed in terms of ryp.), it is useful to be able to determine the
critical buckling loads also in terms of a variable depth of liquefaction
front. This may be accomplished analytically by considering the lateral
resistance that the soil is able to provide as liquefaction progresses.

Figure 3.17 details schematically the vertical effective stress
conditions within the soil around a floating pile group as the liquefaction
front progresses to a depth (z;). A simple bilinear approximation to the
excess pore pressure distribution is made here in which soil shallower
than z is at full liquefaction (r, = 1 or o’y = 0), and the excess pore
pressure is constant with depth below z;. The resulting effective stress
distribution is identical to that for partially embedded piles with a free-
standing length of z;.
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Fig. 3.17 Effective stress conditions around piles for a given depth of full liquefaction

(z0).

Gabr et al. (1997) present an analytical solution for determining the
clastic critical loads for partially embedded piles; a brief summary of the
procedure is given here. This method is able to account for different
distributions of horizontal subgrade reaction, k (i.e. k = constant or k =
Nwz, where m; is the modulus of subgrade reaction), axial pile load
distribution (split between base and shaft resistance) and boundary
conditions at the top and tip of the piles. Due to the continuous nature of
the piles, there are an infinite number of degrees of freedom. Critical
loads are therefore found using the Rayleigh-Ritz method, which
considers the stored energy due to combined flexure of the pile and
elastic deformation of the soil (U) and the potential energy of the
external axial load (V) for a given lateral pile displacement, y,(x). The
critical load and corresponding mode shape are then found, which
minimise the sum of these two energy terms. The terms U and V are
found from Egs. 3.15 and 3.16.

2
EI Lp dzyp DO Lﬂ‘zl«
U—7 o (W dx+7j0 p(x)ypdx (315)
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2
1t dy
V=——| P(x)| =% dx 3.16
J, )[ . ] (316)

In Eqgs. 3.15 and 3.16, x = L, — z (i.e. a coordinate measured upwards
from the tip of the pile) and p(x) is the lateral soil-pile reaction at a given
height above the pile tip. For piles in cohesionless liquefiable sands in
which k =z

p(x)=m,(L, -z, —x)y,(x). (3.17)

It should be noted in Eq. 3.17 that the displacement of the
surrounding soil is assumed to be negligible so that the relative pile-soil
displacement is given by y,(x) alone. In order to solve Eqs 3.15-3.17, the
function used to represent the lateral displacement of the pile y,(x) must
satisfy the boundary conditions at the top and tip of the pile, even though
the exact shape between these extremes is not yet known. This is
achieved by using a ‘shape function’, which is split into a number of
different Fourier components, which are superimposed by varying
amounts to give yy(x). In the case of floating piles, within a pile group,
that are fixed with sway at the top and free at the tip, the shape function
is given by

N

. 2n-1
y(x):c0+chsm 2nL X . (3.18)

n=1 p

The constants ¢, in Eq. 3.18 are found during the analysis to
determine the exact mode shape. As the number of Fourier terms (N) is
large, y,(x) becomes an increasingly better representation of the actual
mode shape. The form of Eq. 3.18 ensures that the boundary conditions
are met irrespective of the values of the constants ¢, and N.
Determination of the critical loads is accomplished by substituting the
shape function into Eqgs. 3.15 and 3.16 and applying the principle of
minimum potential energy, i.e.

o(U+V)
oc

n

=0. (3.19)
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This leads to a set of N+1 homogeneous linear equations in terms of
¢y, Which may be written in matrix form as

[4]¢, =0. (3.20)

For the pile fixity conditions considered herein (for a pile group), the
direct formulation of matrix [A] may be found in Gabr et al. (1997)
without the need to undertake the minimisation procedure represented by
Eq. 3.19. The system of Eqs. 3.20 has nontrivial solutions for ¢, only if
the determinant of the matrix [A] is zero. This is a statement of the
generalised eigenvalue problem which can be solved by standard
methods. The lowest eigenvalue (A,) is related to the effective length
factor introduced in Sec. 3.6.1 by

A== (3.21)

and can be used to find the critical load by substitution of the resulting
value of § in Euler’s Eq. 3.11. The method described in this section for
floating pile groups will be used to find elastic critical loads for various
pile configurations in the following section.

3.7 Bearing vs. Buckling Failure

3.7.1 Methodology

For floating pile groups, the failure mechanisms of bearing (settlement)
failure and buckling will both be possible. In this section, the limiting
axial loads for each mechanism will be compared for various pile
geometries and material properties to determine their vulnerability to
failure in the two modes. The properties that will be considered here
include:

pile length (L,);

pile diameter (Dy);

pile material/construction (ET);
soil density (Nn, Qpase.s)-
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The ultimate bearing capacity Py, of a pile as a function of
liquefaction propagation was determined assuming that the initial static
base capacity reduces according to Eq. 3.8, while the shaft capacity is
dependent on the depth of the pile below the liquefaction front.

3—sing Lp _ ZL

Ph(' = Qbase,S (1 - ru,baxe ) 3(l+sin¢) + Q.vhqft,s ——L_ (322)
P
Referring to Fig. 3.17, it can be seen that
Z
ru,baxe = L_ (3 23)

4

so that the change in bearing capacity due to liquefaction propagation
(Eq. 3.22) can be expressed solely in terms of rypase. Qpases 1S found
herein according to the method proposed originally by Berezantzev
(1961), as modified by Cheng (2004). Qq.ns Was calculated assuming an
interface friction angle & = ¢/2 according to

L,
O s = 7D, J'O oK tan(5)dz (3.24)

where K = Ko = | — sing. For use in design, Quaes and Qgans may
alternatively be determined from CPT data as detailed in Sec.1.1.2 in
Chapter 1.

Elastic critical loads (P.;) were found using the method outlined in
Sec. 3.6.2. Values of  were found for a given depth of full liquefaction
(or, alternatively, r,pse), SO that critical loads could be found from

poo TE
[ﬂ (ru,hm)L,,]z (3.25)

For a given pile geometry, initial static axial pile loads were
compared to the capacities Py, and P, allowing the value of 1. at
which either of the capacities was exceeded to be determined. The results
are presented here in the form of charts that plot r, p.s against pile length
(L,) for a given pile section (D, and EI) and FOS (axial load).
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3.7.2 Sample analysis

For a given pile material and construction, the cross-sectional properties
(Do and EI) will be related. For steel tubular piles, this relationship is

given by
z| (D (D, Y
EI:ESZ 7 - T—t (326)

where E; is the Young’s modulus of the steel and t is the wall thickness.
For solid, reinforced concrete (RC) piles, the expression is slightly more
complicated as:

e the pile is made of two dissimilar materials (concrete and steel);

e the designer is free to choose the percentage of steel that is used
in the pile;

e concrete can only effectively carry load in compression.

Nevertheless, EI for a solid circular RC pile may be found using
transformed area theory. (Kong and Evans, 1987). Considering the
neutral axis to be at the centre of the beam and assuming that the
reinforcing steel is uniformly distributed as an annulus of material with a
given cover depth (c) within the concrete gives

2
EI=E, {0.02450{} 4 “fs {2(5 - cj —a—/ﬂ} (3.27)

2 V.4

where E. is the Young’s modulus of the concrete and a is the modular
ratio ( = E¢/E). It is common in pile analysis to model concrete piles by
assuming elastic behaviour of a solid section of concrete, instead of using
Eq. 3.27. While this requires fewer parameters, it has recently been
shown by Knappett (2008) that such a simplification can grossly
overestimate EI, particularly for piles with lower proportions of
reinforcing steel.

For RC piles with AJ/A. = 3%, representative of an RC pile designed
to resist bending, and steel tubular piles with t = 16mm, Figure 3.18
shows the variation of EI with D,,.
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Fig. 3.18 Section properties of steel tubular piles (t = 16mm) and solid circular RC piles
(AJA. = 3%).

Figure 3.19 shows the results of the analyses for piles designed to a
static FOS = 2 resting in a single layer of loose saturated sand with the
following properties: D, = 35%, ¢ = 32°, nn = 6.6MN/m’.

3.7.3 Ultimate axial limiting states for piled foundations

From Fig. 3.19 it is possible to draw the following general conclusions
relating to the axial design of piles in level liquefiable soils.

e For short piles with low bearing capacity and low effective
lengths, the dominant mode of failure is bearing. As the pile gets
longer, so the critical value of 1 s required for failure reduces.

e At longer pile lengths, instability becomes the dominant mode of
failure. The onset of buckling can happen at very low values of
I'uphase; hOwever, 1, is likely to be lower at these depths for a given
earthquake due to the higher total stress.
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Fig. 3.19 Design charts for steel tubular piles (left column) and solid circular RC piles
with AJ/A. = 3% (right column) for piles in loose sand (D, = 35%) and static FOS = 2.
‘S’ denotes regions in which bearing failure will occur, while ‘I’ denotes instability
(buckling).
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e As piles reduce in size (and therefore stiffness) the transition
from bearing to buckling failure occurs at lower pile lengths. RC
micropiles are therefore likely to be particularly susceptible to
instability failure.

e The use of fewer large diameter piles can suppress the possibility
of instability failure at pile lengths of up to 30m. The axial loads
on such piles can then be selected to avoid bearing capacity
failure. It also appears that RC piles are just as suitable as steel
tubular piles in this regard. From Fig. 3.18 it can be seen that RC
piles are able to offer a similar EI to steel tubular piles when
diameter becomes large and are therefore also suitable for
resisting seismic lateral (bending) loads.

e At values of ryp,s lower than the critical values shown in
Fig. 3.19 the piles must still be checked against bending failure
under the earthquake-induced lateral loads (c.f. Chapter 2).

The example shown in Fig. 3.19 is for a floating pile group in
homogeneous loose soil. For piles that pass through liquefiable layers
and bear in more competent bearing layers, the region of settlement
failure at lower pile lengths will reduce in size, i.e. the values of 1, pase at
which failure occurs are likely to increase. The size of the instability
region will remain unaltered, however, as the instability of the pile is
dominated by the loss of soil support in the upper regions of the pile
where pile displacements are largest.

In using these recommendations it must be remembered that only the
ultimate limiting state is considered here. At values of r,p. lower than
critical there may still be significant settlement and amplification of
lateral pile deflections and bending moments. For the latter effect,
accurate prediction relies on simulations which can account for the
nonlinear effects of axial load on lateral response. However, Eq. 3.13
may be used with estimates of P, using the method outlined in Sec. 3.6.2
to provide a conservative estimate of amplification effects. Such a
prediction will be more accurate for stockier piles.
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3.7.4 Use of limiting states in pile sizing

The previous section has presented a method for determining the limiting
values of ryp. at which axial pile failure will occur in liquefiable soil,
and how these vary with pile length. These limiting values define the
axial capacity of a pile in liquefiable soil. For a given depth of
liquefaction (z), the value of r . for any pile, given the simple bi-
linear approximation used herein, is also related to pile length by Eq.
3.23. This equation plots as an hyperbola on axes of s versus L, and
represents the demand on pile length for a given depth of liquefaction.
By overlaying such a curve on a capacity chart (e.g. Fig. 3.19) it is
possible to determine suitable pile lengths to avoid axial failure modes.
This will be illustrated as an example.

Consider a 0.3m diameter steel tubular pile with the properties
described in Sec. 3.7.2. The capacity chart has already been determined
for this pile as shown in Fig. 3.19. Two different scenarios are
considered here. In the first, z, = 5m; and in the second, z; = 10m (these
might represent behaviour at L1 and L2 earthquakes respectively). The
capacity curves using Eq. 3.23 with the given values of z; are plotted
with the capacity chart for the pile in Fig. 3.20a. It can be seen that for z;
= 5m, a suitable pile length would be 8-21m. For z, = 10m, however, the
0.3m diameter pile is not suitable as it will fail in one or other of the
axial failure modes, irrespective of the length chosen.
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Fig. 3.20 Example of use of methods presented in Sec. 3.7 for sizing of piled foundations.
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In such a case, the solution is to use a larger diameter pile. Figure
3.20b shows the same two demand curves plotted with the capacity curve
for a 0.75m diameter steel pile. Increasing the diameter has made it
possible to find a design pile length for z. = 10m which will not fail
(16m <L, <28.5m).

3.8 Summary

This Chapter has introduced some of the effects that axial pile load can
have on the response of piled foundations to soil liquefaction in level
ground. It has been shown that bearing layers which are classed as
‘nonliquefiable’ by traditional methods can still generate significant
excess pore pressures, which lead to pile settlement and ultimately,
bearing capacity failure. Additionally, if the pile is carrying significant
axial load, the loss of lateral soil support in surrounding liquefiable
layers can lead to instability (buckling) of the pile. Even if collapse in
this mode is avoided, the presence of axial loads will amplify lateral
displacements and pile bending moments generated due to the horizontal
carthquake forces (c.f. Chapter 2). The foundation and liquefaction
conditions which lead to ultimate failure in both axial failure modes
(bearing and buckling) have been determined and compared and the
implications of this analysis for the design of piled foundations have
been drawn.



Chapter 4

Lateral Spreading of Sloping Ground

4.1 Liquefaction-induced Lateral Spreading

4.1.1 Introduction

As discussed in Chapters 1 to 3, seismic shaking of loose soil deposits
can lead to a build-up of excess pore pressure and hence to liquefaction
of the deposit. In level ground this may cause settlement and/or rotation
of structures founded upon these deposits, but in sloping ground the loss
of strength involved in liquefaction may cause the slope to become
unstable and to flow downbhill.

This behaviour has been observed in many major earthquakes
including those in Alaska in 1964, Niigata in 1964, Kobe in 1995 and
Taiwan in 2001. Two examples of the damage observed in the Alaska
earthquake are shown in Figs. 4.1 and 4.2. As the banks of the river
move towards each other due to lateral spreading, the railway tracks
passing over rivers are buckled.

Damage tends to be exerted on a variety of geotechnical structures
including: wharves, bridges, shallow foundations and pile foundations.
Lateral spreading is not only a problem in steeply sloping ground. In
centrifuge experiments lateral spread displacements of 1m have been
observed, even with a 3° ground surface slope. (Haigh et al., 2000). If
the residual strength of the liquefied soil is low enough that static
stability of the slope cannot be maintained, even ignoring the inertial
loading on the soil due to the earthquake shaking, then large magnitudes
of lateral spread displacement will be observed, as can be predicted from
a Newmarkian sliding block analysis. (Newmark, 1965).

116
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Fig. 4.1 Damage to a railway embankment during the 1964 Alaska earthquake due to
lateral spreading of a river valley. (Photo from USGS).

Fig. 4.2 Damage to a railway bridge during the 1964 Alaska Earthquake (USGS).



118 Lateral Spreading of Sloping Ground

The Newmarkian sliding block analysis models the slope as a rigid
block of soil sliding on a rigid slope with the same inclination as the
slope being analysed. Limiting accelerations, being the point at which the
strength of the soil is just sufficient to allow the soil block to move in
unison with the base slope, are calculated. If these limiting base
accelerations are exceeded at the base of the soil mass, the difference
between base acceleration and limiting acceleration is integrated to give
an accumulated relative velocity, which then leads to accumulated
downslope movement until the relative velocity returns to zero. This is
shown schematically in Fig. 4.3.
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Fig. 4.3 Newmarkian sliding block mechanics.

During liquefaction, the threshold acceleration levels decrease due to
increased pore pressures and loss of strength, resulting in increased
observed deformation. This can be incorporated into a Newmarkian style
analysis, as discussed in Haigh ef al. (2001). If the pore pressure increase
is sufficient that the threshold accelerations required to initiate
downslope movement fall below zero, implying that the slope is unstable
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even without the disturbing effects of the earthquake, then lateral spread
displacement will continue to accumulate until consolidation of the
liquefied soil layer progresses sufficiently that enough strength is
regained for static stability to be satisfied. In practice this implies that if
approximately 5% of shear strength remains once the soil is fully
liquefied, then slopes with angles greater than approximately 1.5° may
suffer significant displacement due to lateral spreading.

Even if the residual strength of the soil is sufficient to maintain
stability of the slope without the disturbing effects of the earthquake,
some slope displacement may be observed when equilibrium cannot be
maintained during the peak acceleration phases of the earthquake. This
will result in a stick-slip motion of the slope, which may be very
damaging to pile foundations, as the soil that is moving still retains
significant strength and can hence exert significant forces onto pile
foundations passing through it.

Observation of the pore pressures within laterally spreading slopes
shows that the soil within the slope does not remain in a state of full
liquefaction throughout the earthquake loading. The reversal of direction
of shear stress that occurs due to the superposition of static shear stresses
from the sloping ground and cyclic shear stresses from the earthquake
loading can cause the soil to dilate locally, leading to a decrease in
pore pressure and an increase in effective stress and strength. This
‘de-liquefaction shock-wave’, as described by Kutter and Balakrishnan
(1999), can then propagate upwards through the soil leading to the slope
regaining strength and downslope movement halting. This increase in
strength while downslope movement is occurring can lead to large
transient loads being applied to piles. This can be seen in the centrifuge
test data shown in Fig. 4.4 in which the upward propagation of the
negative pore-water pressure spike can clearly be seen.

Damage due to lateral spreading may also be seen in level ground if
the stability of that level ground is provided by an earth-retaining
structure such as a quay wall or retaining wall. Movement of the
retaining structure may allow lateral movement of the retained liquefied
soil, resulting in lateral spread displacements.
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Fig. 4.4 Propagation of de-liquefaction shock wave upwards through a sand layer.

Calculation of the magnitude of lateral spreading may be achieved
using this method if the base acceleration, residual strength and pore
pressure history are either known or can be estimated. As this is often not
the case, the simple empirical relationships presented in the next section
may be useful in order to estimate the magnitude of lateral spreading
displacements that might occur in a given situation.

4.2 Simple Methods to Estimate the Extent of Lateral Spreading

Several methods are available in the literature for the estimation of the
magnitude of lateral spreading that may be suffered by sloping ground.
Many of these were estimated from the analysis of lateral spreads from
past earthquakes, with regression analysis being used to give a best fit to
available data.
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The simplest of these formulas is that derived by Hamada et al.
(1986) based on lateral spreads observed from aerial photographs during
the 1964 Niigata and 1983 Nihonkai-Chuba earthquakes. From this data
the Eq. 4.1 was developed, in which Dy is the horizontal displacement at
the ground surface in meters, T is the thickness of the liquefiable layer
and 6 is the gradient of the ground surface or of the base of the
liquefiable layer, whichever is greater, in percent.

D, =0.75-T*9* (4.1

From this equation it can be seen that for a Sm thick liquefiable layer
at a 6° slope angle (10% slope), lateral spreads of approximately 3.5m
are predicted. As seen in the previous section, experimental data using
centrifuge testing suggests that this may be conservative, as slopes of
loose liquefiable sand using this geometry under severe shaking for
approximately 30 seconds generally exhibit spreading of approximately
1.5m. This equation does not, however, involve any parameters due to
ground shaking and as such may be of limited use in practice, as for
areas with low seismicity the spreads predicted may be overly
conservative.

Bartlett and Youd (1995) carried out a much larger exercise using
multiple-regression analysis on data from 467 lateral spreads from both
Japanese and US earthquakes. This data was used to generate Eq. 4.2.

log(D, )=~-15.787+1.178M —0.9271og(R) - 0.013R

42
+0.348log T, +4.5271og (100 - F,;) —0.922D50,, (4.2)

Dy is the horizontal ground displacement in meters, M is the
earthquake moment magnitude, R is the horizontal distance to the nearest
fault rupture in km, S is the ground slope in %, Ts is the thickness of
saturated layers with (N1)e <15 in m, Fs is the average fines content in
the liquefiable layer in percent and D505 is the average Dsg grain size in
the liquefiable layer in mm.

Thus for the same 5m thick liquefiable layer at a 6° angle (10%
slope) if we assume a clean sand with Dso of 0.1mm and an SPT blow-
count of 8 subjected to a magnitude 6.5 earthquake at a distance of 20
km, we predict a lateral displacement of 3.85m.
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From the dataset used to generate the equation, the majority scatter of
predicted versus measured displacement falls within a factor of two, as
can be seen from Fig. 4.5. The equation thus gives a good estimate of the
lateral spread that might be exhibited by a slope but the result given
should be multiplied by two to give a more conservative design estimate.
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Fig. 4.5 Comparison of predicted versus measured displacements after Bartlett and Youd
(1995).

Horne and Kramer (1998) derived a finite element programme called
WAVE, which is a one-dimensional ground response model. The
simplification to one spatial dimension is used to minimise the run time
and storage space required and to avoid the complexity of determining a
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multidimensional constitutive model for the soil. A finite difference
scheme was used to solve the equations of motion of the system using a
constitutive model based on a two parameter hyperbolic function, with
strain reversal hysteresis dealt with using the Cundall-Pyke hypothesis
(Pyke 1979). According to this hypothesis, a strain reversal causes
unloading on a scaled version of the original ‘backbone’ curve.
Generation of excess pore pressure was dealt with using a modified
version of the Nemat—Nasser and Shokooh (1979) energy scheme. This
relates the work done during cyclic shearing to volume change and pore
pressure change occurring during the shearing.

The predicted displacement depth relationship for a 20° slope is
shown in Fig. 4.6, the multiple lines on the graph representing the
variation of displacement and shear stress with time through one cycle of
an earthquake.

First Mode, Sloping Ground (20 degree slope}

Depth, in.

Depth, in.

-0 -15 -10
Shear stress, Ibfin2

Fig. 4.6 Predicted spreading of a 20° slope. (Horne and Kramer, 1998).
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Lateral spreading may also occur in level ground behind a waterfront
retaining structure such as a quay wall. Tokimatsu and Asaka (1998) give
equations linking the soil displacement behind the wall to the distance
from the retaining wall and depth from the soil surface. This
displacement is given by Eq. 4.3 and 4.4.

l—);()ﬁ 05t (4.3)
£.(2)=D(x) cos(;—:l) (4.4)

Where D(X) is the soil surface displacement a distance X behind a
retaining wall whose displacement is Dy with a liquefied layer thickness
of H and the lateral spread propagating back from the wall by a distance
L which is approximately 25-100 times Dy. fis(z) gives the variation of
displacement with depth as being a half cosine wave.

4.3 Effects of Lateral Spreading on Pile Foundations

Piles and pile groups passing through flowing layers of soil are obviously
subjected to drag loading by the soil flowing around them. These loads
are dependent on intrinsic soil parameters, soil effective stress state and
on relative displacement that occurs between soil and pile. The
magnitude of lateral loads that can be applied to piles are limited by the
passive pressure that can be developed within the soil. The weak nature
of the flowing liquefied soil (owing to its near-zero effective stress state)
therefore limits the magnitude of the pseudo-static loading that can be
applied to the piles by the flowing soil. It has been seen, however, that
very high transient loads may be applied to the pile owing to local
dilative behaviour as the soil is strained while passing around the pile, as
will be discussed in Sec. 4.3.2.

The case history of the Showa bridge during the 1964 Niigata
carthquake presented in Chapter 1 shows how the loads exerted by
flowing liquefiable soil may be sufficient to cause significant damage to
pile-founded structures. Figure 4.7 shows the movement of the banks of
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the Shinano River in Niigata due to lateral spreading, which occurred
during the earthquake. Post-earthquake surveys showed that the river
had narrowed by up to 1lm. (Hamada ef al., 1992). This very large
magnitude of soil movement obviously exerted large lateral forces on the
piles of all the bridges crossing the river and resulted in the collapse of
several of them.

l"-'-r’l-i
== | ||

Fig. 4.7 Ground movements in cm in Niigata during the 1964 Earthquake. (Hamada,
1992).

4.3.1 Presence of nonliquefiable crust

As discussed in the previous section, the lateral pressures applied by
flowing liquefied soil are limited by the very low effective stresses
existing in the liquefied soil. If a non-liquefiable crust exists on top of a
liquefiable layer, by virtue either of the nature of the soil or of the depth
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of the water table, then significantly higher stresses may be exerted on
the pile, as the stability of the slope is governed by the low strength of
the liquefiable layer, whereas the loads acting on the pile are governed
by the strength of the much stronger crust. This situation is the most
critical for piles passing through laterally spreading deposits, as it is only
in the presence of a non-liquefiable crust that very high lateral loads can
be applied to the piles.

In these circumstances it would be rational to assume that the crustal
soil exerts a lateral pressure equal to the full passive pressure on any pile
or pile cap that passes through the non-liquefied crust.

4.3.2 Lateral pressures generated on piles and pile caps

In order to design pile foundations passing through laterally spreading
liquefiable layers it is obviously necessary to quantify the loads that
might be applied to those foundations by the flowing soil. The loading
exerted on the foundation system can be divided into two categories:

* Jload exerted on the piles by the flowing ground; and
s load exerted on pile caps.

As mentioned in Sec. 4.3.1, the pressures exerted on foundation
systems when a non-liquefiable crust overlays the liquefiable layer are
significantly greater than those in the absence of this non-liquefiable
crust. This is especially true when a pile cap is present, embedded into
the soil. The pile cap will by necessity be embedded in the strong, non-
liquefied crust and will present a large facial area on which the laterally
spreading crust can exert pressure. The large lever arm at which this
force is exerted relative to the base of the piles will result in enormous
bending moments being applied to the piles.

This problem can be exacerbated by non-liquefiable surface soils,
which are often present owing to either dense surface soils or to the
water table being significantly below the soil surface. As the surface soil
does not liquefy, it is able to apply large passive pressures to the pile cap
as the soil beneath it liquefies and the un-liquefied crust moves
downslope.
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The problems caused by this situation were illustrated by the failure
of the piles of the NFCH building during the Niigata earthquake.
(Hamada ef al., 1986). Analysis of the foundation piles using the finite
difference code B-STRUCT, which estimates the lateral spread pressure
using p-y curves reproduced the damage exerted to the foundation piles
by the 0.66m of lateral spread that was measured post-earthquake.
(Meyersohn, 1994). The analysis involved taking an elastic-perfectly-
plastic p-y curve defined for the non-liquefied soil (characterised by a
limiting pressure p, and a stiffness ky, as shown in Fig. 4.8), and scaling
down this curve by a reduction parameter Ry in order to account for the
loss of strength in the soil due to liquefaction. It was found that to best
reproduce the damage observed by post-earthquake excavation of the
piles, a reduction factor of 60 should be used, implying that the soil had a
strength of approximately 1.5% of that of the non-liquefied soil.

Reaction Force p

Relative Displacement, y

Fig. 4.8 p-y curve used in the B-STRUCT code.

Parametric studies yielded a diagram of failure modes, showing the
transitions between bending, buckling and soil flow dependent on
relative pile stiffness and axial load (Fig. 4.9). The responses of steel
piles and pile groups were also investigated. When considering pile
groups, the piles were assumed to be close together and to prevent the
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soil between them from liquefying. The pile group and the soil within it
thus deforms as a single large-diameter object.

increasing Soil Stiffness

3 h_——
Increasing Pile Stiffness

Buckling
(Unstable States)

Axial Load, P,

Sail Fiow

b o

Fig. 4.9 Failure regimes of piles subjected to lateral Spread. (Meyersohn, 1994).

The lateral pressures that can be exerted onto pile foundations are
obviously limited by the full passive pressure of the soil. If the soil were
fully liquefied, the effective stress would be zero and hence the
maximum lateral stress would be zero. Dilation of the soil around the
pile, however, leads to a transient drop in excess pore pressure, a
temporary increase in effective stress and hence horizontal pressures
being applied to the piles. This phenomenon has been investigated using
centrifuge modelling, including work at RPI by Abdoun (1997). The data
obtained from this centrifuge model testing were used to generate
recommendations as to the lateral stresses to be applied to piles.
Recommendations of researchers at RPI have variously suggested that
piles in laterally flowing soil be designed as being subject to constant
pressures of 9.5kPa (Abdoun, 1997) or 11kPa (Ramos ef al., 1999) with
depth through the liquefiable deposit or an inverse triangular distribution
with depth falling from 17kPa at the surface to zero at 6m depth. (Dobry
and Abdoun, 1998). The data in this study was derived by measurement
of bending moments induced within model piles, with spline curves
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fitted to the bending moment distributions and used to calculate
equivalent linear pressure distributions on the pile.

A numerical code based on p-y curves has also been developed by
Goh and O’Rourke (1999) calibrated with the centrifuge results of
Abdoun (1997). This code uses linearised versions of the strain-softening
normalised p-y curves shown in Fig. 4.10.
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Fig. 4.10 Strain-softening p-y curves. (Goh and O’Rourke, 1999).

These are obtained from a FLAC finite difference code analysis of a
pile being displaced through a cohesive material, with undrained shear
strength falling linearly with plastic deviatoric strain until a residual
value of shear strength is achieved as shown in Fig. 4.11.

This analysis gives a good fit to the centrifuge data with which it was
calibrated, although it makes no attempt to predict any dynamic effects.
The code was calibrated by changing the values of peak strength,
residual strength and the displacements at which these are achieved and
getting a best-fit to the centrifuge data. As there are four parameters to be
chosen, a good fit is obviously achieved with the data with the best
values of these parameters, regardless of the competence of the code.
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Fig. 4.11 Assumed soil stress-strain behaviour. (Goh and O’Rourke, 1999).

As the cyclic effects in the centrifuge data are approximately one
third of the maximum bending moments measured, the authors conclude
that pile response during lateral spread is controlled principally by the
static load component. The analysis makes no attempt to model the true
soil behaviour that occurs during shaking, assuming the softening of the
‘springs’ linking soil and pile to be only a function of relative soil-pile
displacement. In reality, much of this softening is due to the liquefaction
of the soil, a feature of earthquake loading, rather than relative
displacement. It will also be seen later in this chapter that there are
significant effects in terms of the near-pile soil effective stress state
caused by dilative behaviour due to cyclic loading. These features are not
considered by this analysis.

This work largely agrees with that by Liu and Dobry (1995), who
used the results of a series of centrifuge model tests involving piles
passing through liquefiable soils to back-calculate the reduction in soil
strength with increasing pore pressure, as seen in Fig. 4.12. The
coefficient c, is the ratio of strength at a given pore pressure ratio to that
with no excess pore pressure. It can be seen that when a value of r, of
90% 1is achieved, the soil still maintains around 20% of its initial
strength. Extrapolating this to a value of r, of 100% leads to a residual
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strength of around 8% of the initial value, though this is not supported by
any experimental data beyond r,= 90%.
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Fig. 4.12 Degradation of strength with excess pore pressure. (Liu and Dobry, 1995).

Centrifuge modelling tests at Cambridge University have built on this
previous work by increasing the instrumentation in the soil close to the
piles in order to study the soil behaviour more closely. A 6m-thick sand
layer was constructed with a 6° slope, through which passed piles. Pile
bending moments were measured, as in previous tests, but the soil pore
pressures and lateral stresses close to the upslope and downslope faces of
the pile were also monitored, as shown in Fig. 4.13. The net downslope
pressure acting on the piles is shown in Fig. 4.14. It can be seen that
while the residual pressure acting on the pile once shaking ceases is
approximately 25kPa, significantly higher stresses than this (50kPa) can
be measured transiently during the earthquake.
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Fig. 4.14 Net downslope pressure acting on pile.

The bending moments measured within the piles (Fig. 4.15) however,
do not show such a significant difference, peak bending moments
exceeding residual ones by only about 10%, as the pile is not necessarily
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in equilibrium during the earthquake. In order to generate bending strains
within the pile, it is necessary for the pile to move and deform. If
insufficient time is available for this to occur, based on the pile’s natural
period, the pile may not be required to carry all of the forces exerted
upon it, but can deform to limit damage. Back-calculation of the lateral
pressures required to generate the bending moments observed in the piles
revealed these to be approximately 25kPa, similar to the measured
residual pressures.

The experiments also investigated the difference in bending moments
exerted on piles with different cross-sectional shapes (circular and
square, Fig. 4.15) and concluded that, while square piles offered more
resistance to the flow of liquefied soil, this only resulted in an increase in
bending moments of around 10%, similar to the magnitude of increase
that could be predicted from plasticity-based solutions to the lateral flow
problem.
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Fig. 4.15 Bending moments exerted on piles during centrifuge tests.
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4.3.3 Current codal provisions

The design of piles passing through liquefied soil layers is codified in
several Japanese design codes, including those for highway bridges,
railway facilities and building foundations. These codes are discussed in
detail by Uchida and Tokimatsu (2005). The differing approaches taken
by these three codes are summarised below:

4.3.3.1 Specifications for Highway Bridges (JRA, 2002)

In laterally spreading ground a horizontal earth pressure is applied to the
piles without inertial forces. This pressure is mandated to be:

e full passive earth pressure in the non-liquefiable crust
e 30% of total vertical overburden stress in the liquefied layer.

While liquefiable sands are frictional materials and would normally
be assumed to apply pressures that are a function of effective, not total
stress as at liquefaction, the effective stress in the liquefiable layer is
zero. It is not sensible to define lateral pressures with respect to effective
stress unless these are independent of depth.

4.3.3.2 Design Standard for Railway Facilities (RTRI 1999)

Piles should be designed using the seismic deformation method. The
displacement due to lateral spreading should be calculated based on the
thickness of the liquefiable layer and the predicted movements of any
supporting retaining wall structures. The forces are calculated based on a
subgrade reaction coefficient with a value one thousandth of that of the
non-liquefied soil. Using the equation quoted by Uchida and Tokimatsu:

k, =3ND™¥* (4.3)

where ky, is the subgrade reaction coefficient, N is the SPT N value for
the soil and D is the pile diameter in m. This implies that for a 30cm pile
subjected to 1m of lateral spread in a soil with an SPT N-value of 10, a
lateral pressure of 74kPa will act on the pile. This seems reasonable
when compared with experimental data.
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This design code will predict lateral pressures proportional to the
lateral spreading displacement and so will tend to overestimate the lateral
loads at high lateral spreads. Once the displacement exceeds a few pile
diameters, it seems implausible that the load will continue to increase,
but this will not be predicted by this design code.

4.3.3.3 Recommendations for Design of Building Foundations
(A1J 2001)

As in the RTRI code, design is based on a subgrade reaction coefficient.
The coefficient can be found for a single pile from Eq. 4.4 (Uchida and
Tokimatsu 2005):

k,, =56000NBY*y"? (4.4)

where kj, is the subgrade reaction coefficient, N is the SPT N value for
the soil, B is the pile diameter in cm and y is the soil displacement in cm.

This equation gives very large lateral pressures when lateral
spreading occurs, which seems unrealistic given the low strength of the
liquefied flowing soil.

4.3.4 Recent experimental data vs codal provisions

Recently, experiments have been carried out using large shaking tables
by Suzuki et al. (2005) and centrifuge models by Haigh (2002) to
investigate the behaviour of soil close to piles during lateral spreading.
These experiments have measured lateral stresses exerted on piles,
bending moments in piles and pore pressures in the soil close to both the
front and back faces of the piles.

The experimental evidence shows that during shaking there is a great
deal of dilation of the soil close to the pile, especially on the downslope
side. This localised dilation results in the soil close to the pile retaining
significant strength throughout the earthquake loading, resulting in
enhanced loading on the piles. The experiments also showed that the
dynamic behaviour of piles plays a significant role in the transfer of
lateral loads from the soil into pile bending moments.
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During earthquake loading, the pile foundation is not necessarily in
equilibrium, as it has its own acceleration. This may result in the bending
moments in the pile being significantly less than those which would be
found from integration of the lateral loads placed on the pile. It is the
bending moments that cause damage to the pile and hence this flexibility
may protect the piles from some of the peak dynamic and inertial loads
that occur during shaking, though the large magnitudes of loading that
may be experienced during post-earthquake flow will not be attenuated.

Measurements of the peak transient lateral stresses imparted on piles
by the flowing liquefiable soil have been shown to be significantly larger
than those predicted by design codes such as the Japanese Highway
Bridges Code (JRA), but the transient nature of these loads may allow
them to be sustained by the piles without significant damage. The
pseudo-static loads exerted on the piles by the flowing soil agree much
more closely with the codal provisions.

4.4 Recommendations on Estimation of Lateral Loads for
Pile Design

This chapter has demonstrated several methods for predicting both the
lateral spread displacements of liquefied ground and the loads that
spreading soils exert on pile foundations passing through them. As the
lateral spreading load will reach its maximum value at a relatively small
displacement compared to the large magnitudes of lateral spreads that
can be observed in the field, it seems more logical to design based on a
limiting lateral earth pressure, rather than within a subgrade reaction-
based framework. This has the double benefit of making the design of
piles possible even when they are subjected to very large magnitudes of
lateral spread and of removing the need to calculate accurately what
lateral spread displacement will occur; it is sufficient merely to say that
the slope could experience significant lateral spreading.

Based on the experimental data discussed in previous sections, it is
recommended that the lateral loads exerted on piles by flowing liquefied
soil be calculated based on full passive pressure within any non-
liquefiable crust present above the laterally spreading liquefied layer and
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a lateral pressure of 20-30kPa in the liquefied layer. If low amounts of
lateral spreading occur, the full lateral loads may not be exerted on the
piles, as insufficient strain will be mobilised to apply the full pressure,
however, this should be a conservative design approach.

From the data of a variety of experiments at both full-scale and in
reduced-scale centrifuge models, this appears to be a conservative value
for the lateral loads induced on pile foundations passing through these
layers. Examples of design using this recommendation together with
those from previous chapters will be given in Chapter 6.



Chapter 5

Axial Loading on Piles in Laterally Spreading
Ground

5.1 Introduction

Chapter 4 has outlined the kinematic loads that laterally spreading soils
impart on piled foundations and current methods for evaluating these.
This chapter will begin by introducing some of the other loads that act on
piled foundations in liquefiable soils during seismic events, including
inertial forces and axial loads generated in the piles due to the presence
of the superstructure. The relative magnitudes of these different loads at
different times during earthquake shaking (load phasing) will then be
discussed. Pseudo-static methods for evaluating foundation response to
both peak transient and residual loads are presented and the effects of
soil profile, foundation configuration and axial load are discussed.

5.2 Phasing of Loads

In Chapter 4, the kinematic loads generated on piled foundations due to
soil-pile interaction (SSI) were discussed. In addition to these loads, the
superstructure supported by the piles will also load the piles through their
heads. These loadings may be divided into two main elements:

1. inertial loads; and
2. axial pile loads.

These will be discussed in the following sections in relation to the
kinematic loads previously described in Chapter 4.

138
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5.2.1 Inertial and kinematic loads

Inertial loads in piles react to the dynamic shear forces generated in the
columns (or other vertical structural elements) due to dynamic
deformation of the structure relative to the foundation. These loads are
transient and exist only during strong shaking. In addition to the inertial
forces generated due to vibration of the pile cap, these forces generate
dynamic bending moments and shear forces within the piles. These
forces are superimposed on the moments and shear forces generated by
the relative soil-pile movement (kinematic loading, c.f. Chapter 4),
which will have both a monotonic and dynamic component.

Comparing the inertial and kinematic components, the former tends
to be high early in the earthquake, before the soil has generated
significant excess pore pressures. This is because, prior to softening, the
soil is relatively stiff and is effective in transmitting the ground motion
into the structure. As the soil liquefies, the foundation undergoes larger
relative soil pile movement due to the increasingly different stiffnesses of
the soil and the piles. This tends to isolate the structure, so that inertial
loads later in the earthquake are much smaller than those at the
beginning. In direct contrast, dynamic kinematic loads increase during
liquefaction as the soil becomes more flexible relative to the pile. If the
soil profile is not level, spreading may occur, which will increase
monotonically with increasing excess pore pressure and with earthquake
duration when the soil is fully liquefied. This spreading component is
superimposed on the dynamic kinematic loads. These effects are shown
schematically in Fig. 5.1.

To illustrate this effect, centrifuge tests have been conducted by
Chang et al. (2005) on 3 x 2 pile groups supporting superstructures with
natural periods of T, = 0.3 and 0.8 seconds. In these tests, the demand
on the piles is expressed as a total shear force at the pile head (V) due to
the inertial load (I) and the kinematic load (Fns) from the surrounding
spreading non-liquefiable crust. In a simple model for the maximum
shear force applied to the pile during an earthquake (Vpay), Vimax may be
related to the peak inertia force (I,4x), and peak crust load (Ferustmax) by

Viae = X (Lniae  F o) - (5.1)
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Fig. 5.1 Phasing of inertial and kinematic loads acting on piled foundations during
liquefaction-induced lateral spreading.

Figure 5.2 shows the back-calculated values of y measured by Chang
et al. (2005) for two different time histories representative of the 1995
Hyogoken Nambu (Kobe) Earthquake and the 1989 Loma Prieta
Earthquake. It can be seen from Fig. 5.2 that the peak shear force acting
on the piles (i.e. the peak pile demand) is well approximated by adding
the peak demand due to inertial and kinematic loadings separately
(i.e. % = 1). The mean value of the data presented in Fig. 5.2 gives
% = 0.94. These results agree with the findings of Tokimatsu er al. (2004)
and Tamura and Tokimatsu (2005) for pile groups in level liquefiable
ground. Tokimatsu ef al. demonstrated that the peak inertial and peak
kinematic forces should be added (i.e. = 1) to approximate the loading
at peak pile demand when the natural period of the ground is longer than
that of the structure. As soil liquefaction is accompanied by a reduction
in stiffness and a consequent lengthening of the soil’s natural period, the
natural period of the (liquefied) spreading ground is expected to be larger
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than that of the superstructure in most cases, and supports the findings of
Chang et al. (2005). Methods for estimating the peak dynamic kinematic
and inertial load components are discussed in Chapter 2.
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Fig. 5.2 Measurements of factor y describing inertial and kinematic load superposition.
(Data re-plotted from Chang et al., 2005).

The foregoing discussion in this section has concentrated on peak
foundation response to the maximum transient seismic loads occurring
during earthquake shaking. Once strong shaking has ceased, there will be
a residual foundation displacement due to the monotonic spreading
component of the kinematic load (c.f. Fig. 5.1). Furthermore, the excess
pore pressures within the soil will not dissipate immediately at the end of
shaking due to the finite permeability of the liquefied soil. As such, pore
pressures will remain high for a period of typically a few hours following
the end of shaking. This will generally lead to further spreading of
the soil and increased monotonic displacement of the foundation, which
may be a more critical condition than the peak response during the
earthquake. As a result, Tokimatsu and Asaka (1998) have recommended
that two conditions are evaluated, namely:

1. peak response during shaking (inertial and kinematic loads); and
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-2. residual response at maximum spreading displacement
(monotonic kinematic component only).

These two criteria are summarised schematically in Fig. 5.3.
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Fig. 5.3 Ciritical loading cases for piled foundations in laterally spreading soil.

5.2.2 Presence of axial loads

In order for inertial loads to be present, the supported superstructure must
have some mass, which will also create axial loads in the piles. The axial
load in a given pile will be composed of a monotonic and a cyclic
component. The monotonic component consists of the initial static dead
load, which is present in the pile irrespective of the earthquake, and a
component due to gross rotation of the pile cap under the action of the
monotonic component of the kinematic spreading loads. This latter effect
occurs as the upslope piles are pulled upwards, reducing the compressive
loads they carry, while those on the downslope side are pushed in,
increasing the vertical load carried above the initial dead load.

Pamuk ef al. (2003) have observed such behaviour in centrifuge tests
of pile groups in laterally spreading soil. This is shown schematically in
Fig. 5.4 for two piles carrying the same initial dead load. The cyclic
component is induced due to the cyclic rocking of the pile group under
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the combined action of the inertial forces and the cyclic component of
the kinematic forces.
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Fig. 5.4 Seismic axial loading of piles during liquefaction-induced lateral spreading.

5.3 Peak Lateral Response of Piled Foundations

At the end of Sec. 5.2.1, two limiting conditions were suggested which
may lead to failure of piles, namely peak (co-seismic) lateral response
and residual lateral response. This section will address the first of these
conditions.

For important or unusual structures, the use of fully dynamic
numerical (Finite Element) models or dynamic centrifuge testing is
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generally recommended. This can evaluate the full dynamic response
from which the conditions at either maximum foundation displacement
or maximum pile bending moments may be extracted. Such methods,
however, are computationally and chronologically expensive and require
skilled modellers in order to develop reasonable results. As a check on
such methods however, and for the case of more standardised
foundations, simpler pseudo-static methods can be used to predict the
peak lateral foundation response. This makes use of the work of Chang
et al. (2005), as outlined in Sec. 5.2.1, in that peak pile response is found
by determining the response to the pile-head shear force Vi, Eq. 5.1,
which incorporates the effects of both inertial and transient kinematic
loads.

Pseudo-static ‘push-over’ methods assume that at any instant during
an earthquake the piles are instantaneously in equilibrium. The equation
governing the response of the pile is given by Eq. 5.2:

d'y d’y
EI—=l+P dzzp +k,Dy (v, -y,)=0. (5.2)

zZ

where EI is the bending stiffness of the pile, y,(z) is the deflected
shape of the pile, z is the depth below the ground surface, P is the axial
load in the piles, y(z) is the displacement of the surrounding soil, k; is
the soil-pile stiffness (stiffness of the p-y spring) in the liquefiable soil
and Do the pile diameter. Equation 5.2 is a fourth order ordinary
differential equation and as such requires four boundary conditions for its
solution. Three of these may be selected from Table 5.1 (two at the tip
and one at the top of the pile). The remaining boundary condition
accounts for the inertial and crustal forces applied at the head of the pile,
and is represented by
d’y »
price IS (5.3)

z=0

El

where Vi, is given by Eq. 5.1 (Sec. 5.2.1).
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Table 5.1 Boundary conditions for piles for use in Eq. 5.2.

Location Fixity condition | Boundary condition(s)
Yol.op = 0 No displacement
Fixed y
y
£ =0 No rotation
dz | _,
»
Tip
y ,;lzz L= 0 No displacement
Pinned ,
d’y,
EI Jz =0 No bending moment
Z z=L »
dy
Fixed 7 £ =0 No rotation
/z
Top =0
(sway
permitted) d? y
Pinned El 7 2” =0 No bending moment
/7
z=0

The use of Eq. 5.2 assumes that the inertia of the pile itself is
negligible compared with that imparted at the pile head (In). The
second term, relating to the axial load P, is also usually ignored. As was
explained in Sec. 5.2.2 however, the dynamic axial loads in the piles will
generally be in phase with the inertial forces, so that it is prudent to also
use P = P, when computing the response. It was shown in Chapter 3
(Sec. 3.4.1) that the peak cyclic load can be very much larger than the
initial axial dead loads in the pile so that neglecting the second term may
lead to inaccurate predictions of peak response. Pr., may be estimated by
considering the instantaneous rotational equilibrium of the pile cap under
the overturning moment imparted due to superstructural inertial forces.
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“For simple soil profiles (e.g. pile surrounded by homogeneous
liquefied soil), simple mathematical expressions for yp(2) and yy(z) may
be used, so that Eq. 5.2 may be solved analytically. Suitable approximate
deflected pile shapes, which satisfy fixity conditions at the top and tip of
a pile are given in Table 5.2. Towhata et al. (1999) suggest that for a
uniform profile of laterally spreading soil

in*n(L_Z).

s 54
z=0 2L ( )

v, (2)=,

where L is the depth of the liquefiable layer. The value of y, at z = 0 may
be estimated using empirical methods such as those of Bartlett and Youd
(1995), Rauch and Martin (2000) and Youd et al. (2002).

Table 5.2 Analytical approximations to lateral pile displacement, ¥p(2).

Fixity at tip Fixity at top Displaced shape

. . . y pl 0 nz
Fixed Fixed (with sway) v, (Z) =20220 114 cos =2

2 L
Fixed Pinned (with sway) [1 sin ——J
Pinned Fixed (with sway) !: cos —}
z
Pinned Pinned (with sway) [1 Z}
It is more common, however, for Eq. 52 to be solved

computationally using finite difference methods, which may then
account for variable soil properties/stratigraphy. This is more useful in
situations where detailed soil data are available (e.g. from CPT tests),
and is also able to account for discontinuities in displacement between
liquefied soil and a non-liquefiable crust when water films are formed.
By breaking down Eq. 5.2 in this way, it is additionally possible to
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determine the soil displacement profile yy(z) using numerical tools for
determining the free-field site response. Such tools can also incorporate
the effects of complex soil stratigraphy. Alternatively, the macro element
models for pile head response and the effective length concept, both
detailed in Chapter 2, may be used to determine the peak pile response
and estimate the internal forces and bending moments within the piles.

The methods outlined in this chapter may also be used to determine
the residual lateral response of the pile to spreading. This is
accomplished by revising yy(z) to account for the maximum soil
displacement that has occurred by the time the excess pore pressures
have fully dissipated, and by setting V.x = 0 in Eq. 5.3. However, for
some common soil profiles found in the field, simpler expressions have
been found to predict the residual response, which can be solved more
rapidly and more easily in closed form. These methods will be discussed
in the following section and are particularly useful as they aid the
understanding of some of the phenomena that can occur.

5.4 Residual Lateral Response of Piled Foundations

5.4.1 Single piles

Before investigating the response of pile groups including the effects of
axial load, it is instructive to investigate the case of a single pile within a
three-layer soil profile which is commonly found in the field. For the
single pile, the analysis technique that is used here is that given in Sec.
2.8 . (Dobry et al., 2003).

In Fig. 5.5, two different piles are considered to represent a flexible
(EI = 20 MNm®) and a stiff (EI = 500 MNm®) pile. The other parameters
were kept constant at: L = 14m, h =2m, po = 150kN/m? and k, = c. The
ultimate values M, and My at z, = 0 are 4400kNm and -200kNm
respectively and are independent of EL It can be seen that for the flexible
pile, the bending moments are relatively low, so that M, and My are
reached at very large lateral displacement (not shown). In
Fig. 5.5b the piles are much stiffer and attract greater bending moments
for a given displacement. As a result, M, and My, are reached at A =
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0.55m. However, it should be remembered that for a given applied
spreading force from the soil, the deflection of the stiffer pile will be
much lower.
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Fig. 5.5 Bending moments generated in a single pile with (a) EI = 20 MNm? and (b) EI =
500 MNm”.

It can also be observed from Fig. 5.5 that the bending moments in the
upper part of the pile are limited due to ‘snap-through’ of the pile
through the clay layer (i.e. failure of the surrounding soil), so that the
maximum moments occur at the interface between the liquefiable and
bearing layers. This pattern of damage will be compared to that for piles
in a group connected by a rigid pile cap in Sec. 5.4.3.
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5.4.2 Pile groups (including axial load)

For piles in a group, connected by a pile cap, the fixity at the pile-cap
interface dominates the behaviour of the pile towards the head. Under
these conditions the pile cap translates laterally with little rotation and
the “snap-through’ behaviour of the pile modelled by Dobry ez al. (2003)
is suppressed by the pile-cap fixity. The resulting displaced shape of the
piles is as shown schematically in Fig. 5.6. As a result, it becomes
possible to consider a simpler pile model in which the pile acts as a beam
with full fixity at either end, but with relative sway between the two ends
permitted. The fixity at the top of each pile is representative of the pile-
cap connection mentioned above, and that at the bottom is indicative of
the fixity depth of the pile within the underlying bearing layer. It is also
possible with this model to consider the axial load carried by the pile.

Fig. 5.6 Pile group failure in laterally spreading ground with non-liquefied crust
(c.f. Sec. 1.6.2).

Limiting equilibrium (LE) may be used to pseudo-statically
determine the response of the pile group to kinematic loads from the
laterally spreading liquefiable soil and non-liquefiable crust. The model
is shown schematically in Fig. 5.7. Soil pressures on the piles from the



150

Axial Loading on Piles in Laterally Spreading Ground

liquefiable layer (p;) are considered to be constant with depth. The piles
are considered to be flexible with a bending stiffness of EI and outer
diameter Dy and the pile cap is assumed to be rigid. It should also be
noted that the model is based on purely lateral sway of the pile group
(i.e. additional lateral displacement generated by rocking of the pile cap
due to the axial compliance of the soil in the bearing layer is neglected).
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Fig. 5.7 Simple limit equilibrium (LE) model for estimating pile group response in
laterally spreading soil, accounting for axial loads.

The equations governing the internal equilibrium of the pile may
be expressed as:

M

M, =+PA- [, -Er20
U

a=

PA'fA_

pD,

2

D,
0.

(5.5)

(5.6)
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2
M, —M”+p,DOL——PA
F, = - 2 (5.7

eq

Fy,=-F,+p,D,L (5.8)

where p = V(P/EI), and f, and f,i are non-dimensional factors which may
be found from Fig. 5.8. L is the length of the pile from the top of the
liquefied layer to the fixity depth within the bearing layer.

If the liquefiable sand is expected to move further than the pile, p; is
taken to be positive (i.e. forcing the piles downslope in addition to the
force from the non-liquefiable crust). In the case of relatively
impermeable crustal layers (e.g. clays and silts), the upward hydraulic
gradient generated as a result of liquefaction of the underlying layer
leads to the development of a water film between the two layers.
(Kokusho, 1999; Malvick et al., 2006). In this case, lateral displacement
of the crust can be very much larger than that of the spreading sand. This
can force the pile cap (and hence the piles) to displace more than the
liquefied sand, which can be modelled by using a negative value of p;
(i.e. acting upslope).

By considering the global equilibrium of the system, it is clear that
the sum of the applied horizontal forces from the soil and structure is
equal to the sum of the shear forces at the head of each pile (Fy). As
inertial loads are usually transient with no residual component, the
monotonic response of the piled foundation is due to the kinematic force
from the non-liquefied crust alone, so that:

E‘ru.vt = —Fb,n (5 9)

=1

3

where N is the total number of piles in the group.
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Fig. 5.8 Factors f, and fpl for the analysis of pile groups accounting for axial load effects.

It is clear from Eqgs. 5.5-5.9 that increasing the axial load in the piles
increases the bending moments and reduces the applied crust load F
for a given amount of deflection. This means that as the axial load is
increased, the piles will be less stiff laterally (i.e. for a given crust load
the deflection will be greater).

The model as presented above is a fully elastic method. However, in
reality the crustal load which can be applied to a pile group will be
limited by one of two factors, namely:

1. limiting moment/shear force (structural capacity) of the piles; or
2. yield in the surrounding crustal soil (occurring at Fy ).

The first of these effects will lead to large pile group deflections
when the applied F. is sufficient to cause failure of the piles. The final
deflection of the pile group in this case will depend on the amount of
subsequent motion of the crustal layer (the soil layer and the pile will
move together after pile yield). For the second effect, when F.. to cause
soil yield is lower than that to cause pile yield, foundation deflections
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will be significantly smaller. These two effects are shown schematically
in Fig. 5.9.

The value of F .y may be easily evaluated from Eqgs. 5.5-5.9 within a
spreadsheet for a range of values of A to determine the overall pile group
lateral load-deflection response. In doing this, values of the bending
moment at each end of the pile M, and M,, will be computed using Eqgs.
5.5 and 5.6. At each step in the analysis, failure of the pile may be
checked either by comparing the moment distribution within the piles to
the yield moment (ductile piles), or by comparing the shear force
distribution within the piles to the ultimate shear force (brittle piles
failing in shear). Similarly, failure of the soil may be ascertained by
comparison of F to the yield force in the crustal soil (F;y;). The soil
yield force Fj,, may be found using the methods presented in Chapter 4.
By including these two effects, the model becomes elasto-plastic and is
able to replicate the behaviour of foundations in laterally spreading soil
from centrifuge tests (see Sec. 5.5). Compatible crustal soil displace-
ments (shown schematically in Fig. 5.9) assuming elastic behaviour prior
to yield may be found for given values of F..y and A (structural
response) computed using Eqs. 5.5-5.9, as

E‘ru.vr = kcrust (y crust A) (5 . 10)

where k.« 18 the elastic soil stiffness (dependent on the shape of the pile
cap) and ycn is the lateral displacement of the spreading non-liquefiable
crust. From the form of Eq. 5.10 it can be seen that the deflection of the
surrounding non-liquefiable crust will always be larger than the pile-head
deflection while the pile responds elastically (shown schematically in
Fig. 5.9).
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Fig. 5.9 Inclusion of inelastic effects.

5.4.3 Comparison of single pile and group pile behaviour

A comparison of the LE models for both the single pile and for a similar
pile in a pile group is presented in Fig. 5.10. The parameters were kept
the same as the example in Sec. 5.3.1 (EI = 20 MNm?,L=14m, h=2m
and po = 150 kN/m?, p; = 0). In the case of the pile group, the pile cap
was assumed to be the same thickness as the crustal layer (i.¢. 2m).

The ultimate capacity of the pile was My, = 160kNm. Failure of the
piles will occur when the ultimate capacity is exceeded. This occurs at
the bottom of the liquefied layer in the case of the single pile, while the
moments at the interface between the crust and liquefied sand are capped
due to ‘snap-through’ of the pile. In contrast, for the same amount of
lateral deflection, failure of the pile connected to the pile cap occurs
simultaneously at both the top and bottom of the liquefied layer. The
development of pile damage at the interfaces between strong and weak
soil layers is consistent with observations from case histories. (Hamada,
1992).
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Fig. 5.10 Bending moments generated in (a) single pile and (b) pile within group (rigid
cap).

5.4.4 Insight into effects of axial load on group response

As an example of the use of the LE model presented in section 5.4.2, a
2 x 2 group of piles with material properties representative of reinforced
concrete is analysed in this section. The piles are of diameter 0.5m,
length 14m, have a bending stiffness EI = 20MNm’ and an ultimate
moment = 160kNm. For the purposes of this example, p; was taken to be
zero. The results of this analysis are shown in Fig. 5.11. To produce
these results, Fenq was computed for a range of values of A at a given
axial load. The calculations were then repeated for different axial loads
per pile between zero and the instability load P.,.
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Fig. 5.11 Example showing the effect of axial load on structural response of pile group.

Figure 5.11a summarises the ultimate values of F. at bending
failure of the pile. This gives an interaction diagram which demonstrates
that, as mentioned previously, as the axial load in the piles is increased,
the maximum crust load which can be sustained before pile failure
reduces. For P =P, the piles become unstable irrespective of any crustal
loads. The effects of axial load on lateral displacements are shown in Fig.
5.11b for constant F.q. This clearly shows that as well as reducing the
maximum value of Fn that can be tolerated (Fig. 5.11b), increased axial
load will lead to larger displacements for given soil forcing. This effect
becomes greater as the axial load approaches the instability load (P.,).
These two effects are summarised in Fig. 5.11c¢ in which the pile group
response is summarised in terms of the lateral force displacement
response.
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5.5 Validation of Effects of Axial Pile Load

In order to physically observe the effects indicated in Figure 5.11 and to
validate the model proposed by Egs. 5.5-5.9, dynamic centrifuge testing
was conducted by Knappett (2006). In these tests a 2 x 2 pile group was
considered in a three-layer soil profile inclined at an angle of 6° to the
horizontal. Two separate and similar models were tested in which only
the axial load applied to the piles was varied. The piles had bending
properties similar to 0.5m diameter solid circular reinforced-concrete
piles at prototype scale and with a centre-to-centre spacing of 5.6D,. The
piles were 12.4m long, embedded in the dense sand bearing layer by
~7D,. Salient properties and dimensions of the models are shown in Fig.
5.12.

Fcrust i " .
- m ﬂ ~] Stiff kaolin clay
] (c, = 80 kPa)
r
8.8m Loose sand
(D~ 35%)
3
2 T
7.2m Dense sand
(Dr = 85-90%)
v

Rigid base
(input motion)
Fig. 5.12 Details of centrifuge tests conducted by Knappett (2006).

The total vertical load applied to the top of the pile cap in each model
is presented in Table 5.3. Measurements of bearing pressure were made
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during the test and used to estimate the total amount of load carried
by the pile cap. Nominal axial loads per pile were then estimated
considering the remaining load to be distributed equally between the four
piles.

Table 5.3 Axial loads acting in centrifuge tests.

Total axial load on pile Estimated cap Nominal load per pile,
cap (MN) load (kN) P (kN)

1.80 280 380

4.80 2520 570

Each model was subjected to harmonic shaking with a peak input
acceleration of ~0.3g. Pressures were measured on the upslope and
downslope faces of the pile cap, which were used to estimate the total
downslope forces applied by the non-liquefiable crust (F..g). Lateral
deflections of the pile cap were also measured. The measured behaviour
is shown for the two different pile groups in Fig. 5.13. The original data
has additionally been passed through a low-pass filter to remove the
cyclic component. The measured monotonic (filtered) responses are
compared to the computed response obtained using the LE method
presented in Sec. 5.4.2. Due to the relative impermeability of the clay
crust, the ultimate value of p, was taken as -10kPa, which was assumed
to be reached at a relative soil-pile displacement of 0.2m. The use of a
negative (upslope) value of p; accounts for the clay crust (and hence also
the piles) moving further than the liquefied sand due to a water film
forming between the crust and the sand. This is in agreement with the
residual soil displacements observed after the tests.
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Fig. 5.13 Validation of LE model presented in Sec. 5.4.2 with centrifuge test data.

Both pile groups can be observed to reach a limiting value of Fe.q,
indicating that the piles yielded instead of the soil. This is consistent with
the high yield strength of the clay used for the crustal layer. The
agreement between the experimental data with the LE model, both in
terms of the ultimate value of F .y and the displacement at which this
force is mobilised, is very close. This suggests that the LE model is able
to adequately capture the essential features of the residual pile response
in laterally spreading soils.
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5.6 Recommendations for Designing Piles in
Laterally Spreading Ground

This chapter has thus far considered the effects of axial load on both the
lateral response (A) and ultimate lateral capacity of pile groups subjected
to lateral kinematic forces in laterally spreading soil. For piles founded in
cohesionless bearing layers, liquefaction-induced settlement and bearing
failure may also occur, as discussed in Chapter 3 (Fig. 5.14). These
considerations impose additional constraints on the maximum value of
axial load that may safely be carried. In terms of the ultimate limiting
state (ULS), this may be included as an additional line on the interaction
diagram concept developed in Sec. 5.3.3, which changes the shape of the
limiting load envelope. This is shown schematically in Fig. 5.15.

-]

Liquefied
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i
Dense sang
| Orstiff clay
W O A _—

Fig. 5.14 Bearing failure of a pile group in laterally spreading soil (c.f. Sec. 1.6.2).
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Fig. 5.15 Interaction diagram for pile group failure in laterally spreading soil.

For a given pile group design, an interaction diagram may be
constructed using the methods presented in this chapter and Chapter 3.
The maximum (ultimate) soil force at soil yield for the non-liquefiable
layer (F,.) may be found following the procedures outlined in Chapter
4. For regions of the interaction diagram for which Fq at pile yield is
greater than F, the pile section and axial loads will be suitable as the
crust will be unable to provide enough lateral force to cause pile failure.
Conversely, for areas in which Fens <F i, the piles require strengthening
(increase in moment/shear capacity) so that Ferg >Fs . Due to the shape
of the interaction diagram, the first of these two conditions will tend to
occur at lower axial loads, while the latter will occur at higher axial
loads. This is shown schematically in Fig. 5.16. For a given pile section,
there may therefore be a limiting axial load for the piles in order to
ensure that they do not fail laterally. The value of this limiting load will
depend on the pile properties (interaction diagram) and the crustal soil
properties (F,.). For strong crustal layers with low strength piles, the
limiting axial load is likely to be very low. In these cases, larger piles
will be required to provide a pile group which is more efficient at
carrying axial load. An example of these effects is shown in Fig. 5.17.
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Fig. 5.17 Example of use of interaction diagrams for pile sizing: (a) at low axial load
piles are adequate as crust will yield before piles and (b) at high axial load,
larger/stronger piles are required to ensure that the crust yields before the piles.
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The interaction diagram may also be used to determine a suitable pile
section to satisfy lateral criteria, which may then be used to determine
pile length and axial load against settlement/bearing capacity criteria
using the methods outlined in Chapter 3. This is accomplished by
selecting a pile size for which the limiting axial load at which F s <Fqy
is greater than Py, or the limiting P for a given amount of settlement
(c.f. Chapter 3).

The actual force mobilised during spreading may be less than Fs
if the crust does not spread sufficiently to mobilise F,. The shape
of the interaction diagram, however, ensures that a lower mobilised value
of Feuq will only increase the permissible axial load which can be
carried. Determination of the actual mobilised crustal load and pile
group displacement for a given amount of soil displacement may be
accomplished by constructing the Feu-A and yq.—A charts
(c.f. Fig. 5.9). This is shown schematically in Fig. 5.18 for two different
axial loads.
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A

Fig. 5.18 Determination of mobilised crust load and group deflection for given y.
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yséil may be predicted using empirical correlations or using a
numerical free-field soil response analysis. Once Yyens is known, the
Veus—A chart is used to determine the compatible foundation
displacement. With A known, the FeyeA chart may then be used to
determine the mobilised F for a given P.



Chapter 6

Design Examples

6.1 Introduction

In this chapter, examples are presented to illustrate how the concepts
discussed in Chapters 1 to 5 may be considered in an inclusive design
method.

Examples will be based on idealised scenarios and use synthesised
CPT data to fully illustrate how such data may be used to develop safe
designs for piles when designing in liquefiable soils. Before embarking
on the design of piles in liquefiable soils, some examples are presented
on the static design of piles in the following section.

6.2 Design of Piles Under Static Loading

In this section, examples of the static design of piles are illustrated, based
on the methods outlined in Chapter 1.

Design brief: Pile foundations are to be designed for a bridge pier.
The axial load on the pile cap from the pier is expected to be 9.4MN,
Initial borehole data suggests an 8m thick silty sand layer overlying a
22m deep, dense sand deposit. The water table is expected to be at the
ground level. CPT tests were carried out using a 25.4mm diameter cone
and the cone penetration resistance profile is presented in Fig. 6.1. The
saturated unit weight of the silty sand layer is 17 kN/m® and that of the
dense sand is 19kN/m’. The critical state friction angle for both these
soils is initially taken to be 32°.

The design earthquake is an L1 event (return period of 72 years),
having a magnitude M = 6 generating a peak ground acceleration of 0.2g.

165
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The foundation must remain safe (i.e. no foundation yielding or bearing
capacity failure) and additionally, due to serviceability requirements in
the superstructure, foundation movements must not exceed the following
values:

Horizontal movement: 100mm
Vertical displacement: 75mm

To provide a starting point, 0.75m diameter (D) closed ended steel
tubular piles will be considered with the properties shown in Table 6.1.

Table 6.1 Pile properties

Diameter  Wall thickness EI Yield stress Moment capacity,
(m) (mm) (MNm?)  (MPa) yield (kNm)
0.75 12 398 275 1800

6.2.1 Example 1: Preliminary design of piles under static loading

Initially, the pile is assumed to be of length 20m (Z,). Preliminary design
can be carried out by using the methodology outlined in Chapter 1 using
Egs. 1.1 to 1.4 and Berezantzev et al.’s N, factors.

6.2.1.1 End bearing

Pile base area is first computed as follows:
4, =(7/4)x0.75% =0.442 m’. (6.1)

Effective vertical stress at 20m depth (o) is calculated as follows,
taking the unit weight of water to be 10kN/m’. It is assumed that the pile
is closed ended.

o, =17x8+19x12-20x10=164kPa (6.2)

For a critical state friction angle of 32° for the dense sand, the value
N, can be taken as 40 from Fig.1.2. The base capacity of the pile can
therefore be calculated using Eq. 1.2 as:

0, =0.442x164x (40 1) =2827 kN. (6.3)
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Fig. 6.1 Information from site investigation.

6.2.1.2 Shaft resistance

The friction angle between the pile and the sand is assumed to be 20°.
Shear stress at any depth z in the medium silty sand and the dense sand
layers is calculated using Eq. 1.3 and Table 1.1 as follows:

r,=0.5%(17-10)z tan(20”) = 1.27z kPa; (6.4)

7. =1.0x(19-10)z tan(20”) = 3.28z kPa. (6.5)

The shaft resistance can then be calculated using Eq. 1.4 as:

8 20
0, =7x0.75 x[ f1272dz+ I3.282dz] = 1394kN. (6.6)
0 ]

Therefore, the pile capacity is obtained as:
0, =2827+1394=4221kN. (6.7)
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From this, the number of piles required to support the given axial
load of 9.4MN can be calculated as:

N=22 222, (6.8)

As an initial design, choose five piles 750mm in diameter and 20m
long to give an FOS of at least two against bearing capacity failure (for
an FOS of at least three, seven piles would be required).

6.2.2 Example 2: Preliminary design of piles using CPT data

In Fig. 6.1 the CPT data from the site investigation was presented. Using
the methods outlined in Chapter 1 and the CPT data, the static design of
piles can be carried out. This is illustrated in this example.

6.2.2.1 End bearing

Using Eq. 1.7 or Fig. 1.3 (for a 25.4mm diameter cone), the end bearing
capacity of the pile can be calculated from g, at 20m depth.

q, 750 )

2t =1-0.5log] — |=0.265>0.13 :

q. g(25.4 (©9)
q,=0.265xg, =0.265x26.7=7.08 MPa (6.10)

Therefore, end bearing of the pile is calculated as:

Q, =7.08x0.442x1000=3129 kN. (6.11)

6.2.2.2 Shaft resistance

The shear stress variation with depth can be calculated using Eq. 1.8
following the MTD method suggested by Jardine and Chow (1996). As
an initial approximation, the stress change at the pile tip due to the
dilation of sand as it flows round the pile tip during pile driving may be
taken to be negligible. As in example 1 (Sec. 6.2.1), the friction angle
between the pile and sand is taken as 20°.
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(6.12)

Using Eq. 6.12 the shear stress between the pile and the soil can be

calculated at any given depth as shown in Table 6.2.

Table 6.2 Calculation of shear stress variation with depth.

Depth Effective vertical stress 'y qe Shear stress* 1,
(m) (kPa) (MPa) (kPa)
0 0 0.00 0.00
1 7 0.74 3.78
2 14 1.19 5.12
3 21 1.81 7.05
4 28 1.82 6.59
5 35 2.41 8.28
6 42 2.79 9.15
7 49 3.25 10.24
8 56 343 10.46
9 81 12.85 39.34
10 90 13.77 41.05
11 99 16.03 46.67
12 108 17.94 51.10
13 117 19.07 53.25
14 126 17.88 49.00
15 135 24.94 67.20
16 144 20.93 55.49
17 153 23.71 61.90
18 162 22.97 59.14
19 171 26.59 67.52
20 180 28.89 72.42

*calculated using Eq. 6.12.

The shaft resistance is then calculated by integrating the shear stress
with depth and multiplying with the perimeter of the pile:

0. =7x0.75 .[rsdz=7r><0.75><688.54=1 22 kN.

(6.13)
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Therefore, the pile capacity is obtained as:

Q, =3129+1622=4751 kN. (6.14)

The minimum number of piles required to carry an axial load of
9.4MN is:

_9.4x10°
4751

From Eq. 6.15, four piles, 750mm in diameter and 20m long can
support the required axial load for a static FOS of approximately two.
The use of CPT test data has therefore led to a more economical design
compared to the simple method presented in Example 1 in this case.

As an alternative to the MTD method proposed by Jardine and Chow
(1996), the method presented by Randolph et al. (1994) could be used to
calculate the shear stress as explained in Chapter 1. Following this
method and assuming;

=2.0. (6.15)

K. =0015%

O'w
K . =04
#=0.05
The following expression for shear stress may be written as:
7= {0.4 + [0.015% - 0.4]e°‘°”°‘75} o, 1an20° . (6.16)

Using Eq. 6.16 the ultimate shear stress between the pile and the soil
can be calculated at any given depth as shown in Table 6.3.

As before, the shaft resistance is then calculated by integrating the
shear stress with depth and multiplying with the perimeter of the pile:

0, =7x0.75 J-z'sdz:7z><075x688.16:1621 kN. (6.17)

Therefore, the pile capacity is obtained as:
Q,=3129+1621=4750kN. (6.18)
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This value is almost identical to that obtained by using the MTD
method previously.

Table 6.3 Calculation of shear stress using Randolph et al. (1994) method.

Depth  Effective vertical stress ¢'yy qc g6’y Kinax Shear Stress T,
(m) (kPa) (MPa) (kPa)
0 0 0.00 0.00 0.00 0.00
1 7 0.74 105.31 1.58 3.83
2 14 .19 84.76 1.27 5.92
3 21 1.81 86.07 1.29 8.63
4 28 1.82 64.82 0.97 8.54
5 35 2.41 68.94 1.03 10.88
6 42 2.79 66.45 1.00 12.23
7 49 3.25 66.26 0.99 13.78
8 56 343 61.21 0.92 14.35
9 31 12.85 158.66 2.38 43.83
10 90 13.77 153.00 2.29 44.97
11 99 16.03 161.93 2.43 49.53
12 108 17.94 166.10 2.49 52.66
13 117 19.07 163.02 245 53.64
14 126 17.88 141.87 2.13 49.51
15 135 24.94 184.76 2.77 62.52
16 144 20.93 145.35 2.18 53.08
17 153 23.71 154.96 2.32 56.78
18 162 22.97 141.82 2.13 54.26
19 171 26.59 155.48 2.33 58.78
20 180 28.89 160.49 2.41 60.87

6.3 Inertial and Kinematic Loading on Piles in Level Ground

In this section simplified methods to estimate the inertial and kinematic
loading on the pile group located in level ground will be presented. The
soil profile that will be considered will be the same as in Fig. 6.1. The
axial load on the pile group is 9.4MN as considered in the static design
of the piles in Examples 1 and 2 above. The pile group has four piles in 2
x 2 formation with a pile spacing of 5D,. Based on the static design
presented in earlier examples, the pile will be a steel tubular pile with an
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outér diameter of 750mm and a wall thickness of 12mm. The yield stress
of steel is taken as 275MPa and the Young’s modulus is taken as
210GPa. The flexural rigidity of each pile EI is 398MN m”. The pile
spacing will be 5 x 750mm = 2250mm.

Recall from Sec. 6.1 that the design earthquake is magnitude M = 6
generating a peak ground acceleration of 0.2g.

6.3.1 Example 3: Soil stiffness and natural frequency

Initially, it is assumed that the void ratio of the medium, silty sand layer
and dense sand layer are 0.9 and 0.6 respectively.

The vertical effective stress at 4m depth can be seen from Table 6.3
to be 28kPa. Assuming the coefficient of earth pressure at rest K, to be
0.46, the mean effective confining pressure p” is calculated as:

,_[1+2KU

3 )a'm =17.9 kPa. (6.19)

Using Eq. 2.2 proposed by Hardin and Drnevich (1972) as presented
in Chapter 2, the small-strain shear modulus of the silty sand layer can be
calculated as:

3-0.9)°
GuleO( ) /17'9 ~31.1MPa. (6.20)
1+0.9) V1000 —

This small-strain shear modulus needs to be corrected for the cyclic
shear strain amplitudes generated during the earthquake loading. It is
well known that the shear modulus of soil degrades with increasing shear
strain. Many researchers investigated this aspect. (Hardin and Drnevich,
1972; Dobry and Vucetic, 1991). High quality cyclic simple shear tests
were carried out on non-plastic silts at different confining pressures and
void ratios by Matesic and Vucetic (1998) and Doroudian and Vucetic
(1999). Figure 6.2 is re-plotted from their experimental data for a silty
sand sample with a PI = 0 and at a vertical stress of 70kPa. It shows the
variation of normalised shear modulus and damping ratio with shear
strain.
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Fig. 6.2 Variation of normalised shear modulus and damping with shear strain.

The peak cyclic shear stress generated by an earthquake can be
estimated as:

Tow =0.65x x5 xr, . (6.21)
g
where 14 1s a correction factor to allow for the deformable nature of the
soil column being considered. This correction factor may be calculated
asry=(1—-0.012). (Iwasaki et al., 1978).
Using Eq. 6.21 the maximum cyclic shear stress at mid-depth in the
silty sand layer can be calculated as:

r =0.65x 028 . 68x(1-0.01x 4)=8.49 kPa. (6.22)
g

In reality this value may be smaller as the earthquake acceleration at
the base of the silt layer will normally be less than the peak ground
acceleration. We also know that the shear stress is related to the shear
strain as:

T =G, 7 (6.23)
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Referring back to Fig. 6.2, we could assume a hyperbolic variation of
the normalised shear modulus as shown in Eq. 6.24, following Hardin
and Drnevich (1972) and with the modification suggested by Vardanega
and Bolton (2009):

G 1

8

G “«
7,

Using a reference strain y, of 0.02% and ¢ = 0.79 fits the experimental
data reasonably well as shown in Fig. 6.2. Using Eqgs. 6.23 and 6.24, an
expression can be obtained that involves only the shear strain on the RHS
in Eq. 6.25:

Tmax _ 7/

G <
o [ . ] (6.25)
7,

where y is the absolute shear strain. Substituting the G, andr__  values
from before gives:

4 4
=2.73x107.
Lo " (6.26)
2x107*

Equation 6.26 can be solved numerically and the value for peak
cyclic shear strain is obtained as:

y =0.144 %. (6.27)

From Fig. 6.2, for the above value of shear strain the shear modulus
must be degraded to 20% of its initial value. Similarly at this strain level
the damping in the silty sand will be about 19%. Therefore the secant
modulus of the soil will be:

G. =0.2x31.1=6.22MPa. (6.28)

Using the shear modulus, the Young’s modulus can be calculated
from:
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E =2GS(1+V). (6.29)

Under undrained conditions, the Poisson’s ratio v will be 0.5. Using
this and Eq. 6.29, the Young’s modulus of soil can be calculated as:

E =3%6.22=18.66 MPa. (6.30)

The natural frequency of the silty sand layer can be calculated
assuming the fundamental mode of vibration as shown by Eq. 2.1 shown
in Chapter 2. Using the shear modulus calculated in Eq. 6.28, the shear
wave velocity and the natural frequency can be calculated as:

6
y = 822N o s (6.31)
| 1700

/s =(22’§):QHZ- (6.32)

It must be noted that if the silty sand layer suffers liquefaction during an
earthquake, then this natural frequency can reduce significantly.

6.3.2 Example 4: Effective length and flexibility of the pile

6.3.2.1 Effective length of the pile

The concept of effective length was introduced in Chapter 2 in Sec.
2.3.2, which indicates the length of the pile that will participate in the
inertial response during an earthquake. To determine the effective length
of the pile, the Young’s modulus of soil must be estimated at a depth D,
which is the diameter of the pile. A parabolic variation of stiffness with
depth within the silty sand layer will be assumed (Eq. 2.9).

The pile is a steel tubular pile with an outer diameter of 750mm and a
wall thickness of 12mm. The Young’s modulus of steel is 210GPa. The
Young’s modulus of the pile E, needs to be corrected for the cross-
section of the pile as explained in Sec. 2.9.2. Using Eq. 2.47:

210
E;}J'()rre('red = 0754 = 256 GPa

(0.75* —0.7264)

(6.33)
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In order to calculate the Young’s modulus of soil at a depth of
0.75m, the effective mean confining stress at this depth must be
calculated as shown before in Egs. 6.19 and 6.20.

o :(———1 2 20‘46J5.25 ~3.36kPa; (6.34)
3-0.9)°
G, _ 100 ) /3'36 —13.45 MPa. (6.35)
1+09) V1000 ——

Using the same stiffness degradation assumed in Example 4, the
degraded shear modulus can be calculated as:

G, =0.2x13.45=2.69 MPa. (6.36)

The Young’s modulus at a depth of 0.75m can be calculated
assuming undrained conditions as:

E, =3x2.69=8.07 MPa. (6.37)

The effective length L, can then be calculated using Eq. 2.9 as:

8.84 m. (6.38)

9 0.22
L ZZXO,%[MJ _

8.07x10°

This suggests that 8.84m length of the pile will participate in the
inertial response. This extends below the silty sand into the dense sand
layer by 0.84m. It must noted that the effective length above will be
lower than calculated in Eq. 6.38 as the dense sand will be stiffer, so the
length of the pile in the dense sand layer that participates in the inertial
response will be less than 0.84m.

6.3.2.2 Flexibility of the pile

The flexibility of the pile relative to the silty sand layer can be estimated
by using Eq. 2.11. For using this equation, a value for the gradient of soil
modulus k needs to be chosen. The range of values & can take is between
200 and 2000kN/m’. Using the lower value for &:
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E, 1N (398x10°)"
7;:( ppJ :[2mbao3 =469 m; (6.39)

L 20
Z, =| = |=| —=——|=4.38m.
L (7;] (4569j - (6.40)

As 2.5 <Z, <5, the pile should be semi-flexible. Using the higher
value for £:

6 \02
1,=| 28x10° 10 ) ggm; (6.41)
200010

L 20
ZM_(ZJ_(Eggj—QQﬁHL (6.42)

As Z, >5, the pile should be flexible. So the true behaviour of the pile
will be between semi-flexible and flexible depending on the actual value
of the gradient of soil modulus .

6.3.3 Example 5: Inertial loading on the pile

The peak ground acceleration is 0.2g as before. It is assumed that this
will be the acceleration at the base of the pile group. The amplification of
this acceleration within the pile group needs to be calculated. Also, it is
assumed that the axial load of 9.4MN is due to a concentrated (lumped)
mass of the superstructure of 940 tons at a height of 10m above the pile
cap.

The stiffness of each pile in the pile group is determined by
considering Eurocode 8 provisions as discussed in Sec. 2.9.2 of Chapter
2. First the ratio of pile stiffness relative to the soil stiffness is calculated
using the values for pile and soil stiffnesses from Example 4:

Ep 256X109
= ———— [=3172.2.
(libj (&07x106) SRt (6.43)
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Using Table 2.3 and assuming a square root variation of stiffness with
depth for the silty sand layer, the horizontal stiffness is calculated as:

E 0.28
K,=0.79DE,, (E—Pj

sD

(6.44)
=0.79x0.75x8.07x10° x (3172.2) " = 45.7 MN/m.

Similarly, the rotational stiffness is calculated as:

0.77
E
K, =0.15DE | =%
A EsD

(6.45)

077

=0.15x0.75" x8.07x10° x(3172.2)" " = 253.6 MNm/rad.

The coupling stiffness K, is calculated as:

0.53
K,,=-024DE ( g L ]

sD

(6.46)
=-0.24%0.75% x8.07x10° x(3172.2)""’ = ~78.1 MN.

The equivalent horizontal and rotational stiffnesses that involve the
coupling stiffness Ky can be written as shown in Eqgs. 2.6 and 2.7 in
Chapter 2 as:

_ KhKM _K;M

. (6.47)
- K, —eK,,

. KhKM —K;M

= 4
oo Kh"KhM/e (6.48)

where e is the eccentricity.

In this problem we have a pile cap into which the four piles are fixed.
Therefore, the rotation 8 may be taken as zero within the elastic range
i.e. no plastic hinges are formed at the pile heads. Using this condition,
the rotational stiffness in Eq. 6.48 must be infinity (Kg., = o). This is
only possible if the denominator in Eq. 6.48 is zero, i.e.:

KhM

K
K, ="/ =0 = e:% (6.49)

h
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-78.1

SallL Yy
Tas7 T (6.50)

Substituting this and the values of stiffnesses from before into
Eq. 6.47, we can write:
_45.7x10°x254x10° —(=78.1x10°)*

Ky = =45.7 MN/m
" 253.6x10° —(~1.71x=78.1x10°) (6.51)

The natural frequency of the pile group can then be calculated using
the horizontal stiffness of each pile calculated in Eq. 6.51.

1| [4x45.7x10°
=— ,/—— =2.22 Hz.
7y 275[ 940x10° } - (6.52)

The natural frequency of the pile group is 2.22Hz and its natural
period is therefore 0.45 seconds. If we approximate the pile group as a
single degree of freedom system, we can use the design spectrum for
sand from Eurocode 8 shown in Fig. 6.3. This design spectrum has been
plotted for a soil factor of 1.35 and a damping of 20%. The damping for
the silty sand layer at the strain level of 0.14% is nearly 20% as seen
from the experimental data presented in Fig. 6.2.

From Fig. 6.3, it can be seen that for a time period of 0.45 seconds,
the spectral acceleration is 2.13 x a,. The response acceleration of the
pile group will therefore be 2.13 x 0.2g = 4.2m/s’.

The horizontal inertial load on the pile group will be:

H =940x10"x4.2=3.95MN. (6.53)
The moment load on the pile group will be:
M =940x10’ x10x4.2=39.5 MNm. (6.54)

The peak horizontal displacement &, during the inertial response of
the pile group can now be calculated using the stiffnesses calculated in
Eq. 6.51 as:

395 _9.022m. (6.55)
45.7x4

h frung

The above response will change if the silty sand layer were to liquefy.
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Fig. 6.3 Eurocode 8 design spectrum.

6.3.4 Example 6: Kinematic interaction

The kinematic interaction between the pile and the soil can be analysed
by using the concept of the Interaction Factor /, and a dimensionless
factor F, introduced in Sec. 2.4 of Chapter 2.

The ratio of the stiffness of the pile to the stiffness of silty sand was
calculated in the ecarlier examples. Similarly, values for the natural
frequency of the silty sand layer (in the absence of liquefaction) and the
pile group were obtained in earlier examples. Therefore, the dimension-
less factor £ for a parabolic variation of stiffness with depth can be
calculated using Eq. 2.15 as:

R
Ju N\ Ewp D

-0.35
:[Qj(mn.z)"""(—zg—) =1.345
1.9 0.75

(6.56)

The interaction factor can be calculated using values for the constants
for parabolic variation of silty sand stiffness from Table 2.2 and
substituting in Eq. 2.16 as:
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I, =3.64x107°x1.345 —4.36x107* x1.345°

+6x107° x1.345% +1 (6.57)
=1.01

If we assume that the earthquake results in a horizontal displacement
u, of 92mm at the surface of the silty sand layer, then the top of the pile
group will have a displacement of;

u,=1,xu,=1.01x92=93mm. (6.58)

The silty sand layer is likely to have a response that will depend on its
natural frequency of 1.9Hz. If the horizontal displacement at the surface
of the silty sand layer varies with frequency as shown by u, in Fig. 6.4,
the pile group response will be as shown by u,in Fig. 6.4.

If the natural frequency of the pile group is varied, the changes in the
interaction factor between the pile group and the silty sand layer can be
plotted as shown in Fig. 6.5.
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Fig. 6.4 Free field and pile head response due to kinematic interaction.
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Fig. 6.5 Variation of Interaction Factor /, with natural frequency of the pile group.

6.4 Design of Piles in Level Liquefiable Ground

The following example extends Examples 1-6 by considering the effects
of liquefaction. The foundation for the bridge pier which was designed to
static criteria in Sec. 6.2 will be considered here, accounting for the
effects of soil liquefaction. The foundation is sited in level ground profile
shown in Fig. 6.1 where there is a negligible risk of lateral spreading.
Seismic CPT data has been collected close to the proposed location of
the foundation. The seismic event considered is a magnitude M = 6
earthquake with 0.2g peak ground acceleration as in Sec. 6.3.

6.4.1 Example 7: Determination of liquefaction potential from CPT
data

Figure 6.6 shows seismic CPT data for the site. Friction sleeve
measurements (not shown) have verified that the soil profile consists of
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two main layers. The upper layer, a slightly silty sand, extends from the
surface to 8m below ground level (BGL), and a clean sand layer extends
below this. The saturated soil unit weights y have been confirmed as
17kN/m’ (average) within the upper layer, and 19kN/m® (average) within
the lower layer. Relative density D, was computed from the cone
resistance according to Kulhawy and Mayne (1990):

oS iy (6.59)
350
where ¢., is the normalised CPT resistance corrected for vertical
effective stress given by:

0.5
q. = ﬂ(p—,”j : (6.60)

pa O-VO

where p, is atmospheric pressure (= 100kPa). Peak secant friction
angles ¢, were computed after Robertson and Campanella (1983):

tang,, =ﬁ{log[£i—]+0.29} (6.61)

Values of the critical state friction angle (¢.s) for both soils were
obtained by applying the relative dilatancy index of Bolton (1986) to the
peak friction angles, with average values taken for each soil layer. The
water table was observed to be just below the ground surface.

Before pile design can be carried out, the liquefaction hazard must be
evaluated. Calculation of limiting axial loads in liquefiable soils, as
presented in Chapter 3, requires knowledge of the excess pore pressure
ratio with depth and not just the depth within which full liquefaction is
triggered. This may be found using simple site response methods;
however, often these methods require the input of soil parameters
governing contractile and dilative characteristics of the soil, which may
not be known without an extensive programme of triaxial testing. A
simple method of estimating the maximum r, profile induced by a given
carthquake is presented here, based on the popular methodology outlined
originally by Seed and Idriss (1971) and most recently modified by Idriss
and Boulanger (2004).
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Fig 6.6 Seismic CPT data and derived soil parameters.
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In this method, a Cyclic Resistance Ratio (CRR) is computed at each
depth based on the soil properties. CRR represents the threshold cyclic
shear stress at which full liquefaction is triggered. Based on Idriss and
Boulanger (2004), CRR may be determined directly from the cone
resistance for soils with <5% fines content using:

2 3 4
CRR=exp| Lo | Lo | | den | (| Dan | 31 (6.62)
540 67 80 114

where ¢., = 4./p,- The remaining constants in the equation have been
found based on an empirical fit to a large database of reported case
histories where full liquefaction both did and did not occur.

The Cyclic Stress Ratio (CSR) is then computed at each depth which
is a measure of the peak cyclic shear stresses induced by the design
earthquake. This may be found using:

CSR = 0.65£f’-m“—6—&]—”— (6.63)

o'y, JMSF’

where a,,, is the peak ground acceleration (0.2g in this case) and 7, is
given by:

r, =exp(a+ M) (6.64)
where

z

a=-1.012-1.126sin
11.73

+5.133), (6.65)

z is the depth below the ground surface and

z

£ =0.106+0.118sin
11.2

< +5.142]. (6.66)

MSF is the earthquake Magnitude Scaling Factor and may be found
from:

MSF =6.9exp[—[‘{—)—0.058. 6.67)
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Fig. 6.7 shows the results of these evaluations for the CPT data
shown in Fig. 6.2. CRR plots as a curve which varies with the normalised
cone resistance (q.,), while calculated values of CSR are shown as
individual data points. Data points falling above the line indicate the
occurrence of full liquefaction.

It can be seen from Fig. 6.7 that in this example, the upper layer of
sand is expected to fully liquefy as these points all plot above the CRR
line. Below this depth, the data points plot beneath the line. The depth of
full liquefaction (r, = 1) is therefore 8m. This does not mean that no
excess pore pressure will develop in the dense lower layer, however,
only that full liquefaction conditions will not be reached. As in Chapter
3, it is possible to use a simple bilinear profile of excess pore pressure
with depth to estimate the 7, profile. The maximum excess pore pressures
are assumed to be constant with depth below the depth of full
liquefaction (8m) and equal to the value at 8m depth (the bottom of the
liquefiable layer), which leads to the variation of r, as shown on the right
of Fig. 6.7.
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Fig. 6.7 Evaluation of liquefaction potential and extrapolation of #, profile.
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6.4.2 Example 8: Pile sizing based on liquefaction considerations

Now that the liquefaction potential has been evaluated in Example 7, the
charts presented in Chapter 3 may be used to determine the range of
suitable pile lengths for a given pile diameter. This procedure is based
around consideration of axial failure modes, i.e. bearing and instability
failures (ultimate limit state, ULS) and settlement considerations
(serviceability limit state, SLS). For clarity, only a single pile size and
material will be presented in this example; however, the process may be
repeated for a range of different pile sizes which may then be evaluated
against lateral load/displacement conditions so that an optimum design
may be found.

Bearing in mind that a laterally stiff foundation is generally beneficial
for minimising lateral displacements, a 0.75m diameter steel tubular pile
section is selected, which will be closed-ended. The properties of the
section considered are given in Table 6.1. To obtain a suitable range of
pile lengths, a preliminary check against bearing failure and instability is
conducted, as detailed in Sec. 3.7. The design chart has here been re-
plotted as Fig. 6.8 in terms of maximum and minimum EI values so as to
be more applicable in general design. From the liquefaction evaluation
(Sec. 6.4.1), the depth of full liquefaction (z; ) was found to be 8m so that
the demand curve is given by Eq. 6.28:

8
ru,buse = - (668)
Lp

The stiff steel tubular piles chosen are closer to the maximum EI such
that the pile length may be chosen from the following range:

11m <L, <21 m.

Note that with the availability of detailed CPT data, the minimum
length (representing the onset of bearing failure) given by F ig. 6.8 is only
a rough estimate. The minimum pile length may be found directly by
considering the maximum loads that may be carried by the pile as
determined from the CPT methods detailed in Chapter 1. Three limiting
criteria will be considered:
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1. Under static conditions a certain FOS must be achieved (here
taken to be two). Detailed examples of design to this criterion
has already been demonstrated in Examples 1 and 2.

2. FOS must be sufficiently high for liquefaction-induced bearing
failure to be avoided. This is achieved if

1

Ssing 6.69
)3(1+sin¢) -a,, +1 ( )

FOS =

Qo (1 -

u,base

3. FOS must be sufficiently high to avoid liquefaction-induced
settlement >0.1D; (i.e. 75mm). This is achieved if

35
FOS21+5.5(r, .. ) (6.70)
1 1 b
i I'u,ba\ste =§ E
; Lo '
0.8}
0-6 B : u
8 iEl = 522MNm?2
.Q_ 1 ]
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El = 250MNm?2
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Fig. 6.8 Estimation of suitable pile length range to avoid bearing and instability failure
(ULS).
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For a pile founded at any depth within the soil layer, the FOS for each
of the three criteria may be computed at each depth based on the profile
of r, determined in Fig. 6.7. The maximum FOS of the three values is
then selected for determination of the minimum pile design load (P). This
requires knowledge of the ultimate pile capacity (P,y), which is found in
this example using the MTD method (c.f. Example 2). The minimum
number of piles (N) required in the foundation to produce an acceptable
design is then given by:

Prnm! - F OSn‘ux
P

ult

N = (6.71)

For the example presented here, the FOS under each of the criteria are
shown on the left of Fig. 6.9, and the associated minimum number of
piles on the right of the same figure.

Minimum FOS Minimum number of piles N
0 5 10 1 10 100 1000
n u i i J
5 J bearing capacity . 5
failure dominates )
E 104 Liquefaction-induced 10 4 i
£ settlement dominates BRI AmEEiiiY Rt
2 L e |
2 L
@ Suitable pile length
F 151 15 4  considering instability
Static considerations and bearing capacity
dominate checks (ULS)
20 4 —o— Static, FOS = 2 20 - Example 2
—m— Bearing capacity
—a— Settlement
25 J 25

Fig. 6.9 Evaluation of minimum FOS under different criteria for piles of different lengths
and associated minimum number of piles required in the group for FOS = 2
(Dg = 0.75m).
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From Fig. 6.9 the following conclusions may be drawn about a
suitable founding depth for the piles:

If piles are founded in the liquefiable layer, liquefaction-induced
bearing failure is the controiling factor. The high FOS required
to avoid this means that for these lengths the piles are very
inefficient so that an unreasonable number would be required for
a safe design.

For 8m <L, <12m, the liquefaction-induced settlement criteria
dominates. The piles are still being used inefficiently (under
static conditions FOS could be as high as five). However, a
reasonable minimum number of piles are required in the group.
If, due to horizontal loading considerations, it is desirable to use
a large number of piles, Fig. 6.9 shows that it may be reasonable
to reduce the pile lengths to provide a more efficient design.

For piles longer than 12m, the static FOS condition is
controlling, so that piles longer than this should not suffer any
adverse axial effects of liquefaction. In any case, the piles must
not be longer than 21m to satisfy the instability constraints.

The result of the analysis thus far is a range of suitable pile properties
which may be finalised by considering lateral loading effects and
horizontal displacement criteria. In this case, the pile design is
summarised as follows:

Table 6.4 Summary of pile group design following axial failure checks.

Diameter  EI Moment capacity,  Pile length Number of piles
(m) (MNm?)  yield (kNm) (m) in group
0.75 398 1800 12<L,<2] N >4 (forall L)

The foundation design that was developed in Examples 1-6 satisfies
all of the criteria in Table 6.4. Tt only remains, therefore, to check the
horizontal response of the foundation when liquefaction is taken into
account — this will be considered in Example 9.
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6.4.3 Example 9: Inertial response in level liquefied ground

In this example, the inertial response in the liquefied ground is found and
compared with the case of no liquefaction considered in Examples 4—6.
The liquefied soil is conservatively assumed to have approximately
zero stiffness (E;p =~ 0) for determination of the inertial load. With this
approximation, the foundation will behave as a partially embedded pile
with a free-standing length of 8m. The relative pile-soil stiffness in the
dense sand is found using Eq. 2.11 with k ~ 9000 kN/m’ for sand at

D, =15%:

0.2 02

E 1 6

T = _rr = M =2 13m. (6.72)
k 9000x10°

The fixity depth within the dense layer is then found after Davisson
(1970). If the depth of the liquefied layer is less than T, the fixity depth
is given as 2.27T,. If the liquefied layer is deeper than 7, the fixity depth
1s 1.87, (as in this case 8m > 2.13m).

L, =1.8T,=3.83m (~5Dy) (6.73)

The lateral stiffness of the 2 x 2 pile group in the liquefied ground

can then be estimated considering the foundation to behave as a sway

frame. Using basic structural beam theory, the lateral stiffness of a

single pile within the group is therefore given by:

12E1 12x398x10°
3T 3
+L_,.) (8+3.8)

Khieq = (L

The natural frequency of the piled foundation is then found as in

Example 5:
1| [4x2.9x10°
= 4/——————— =(.56 Hz.
/s 2;:[ 940x10° J - (6.75)

The natural frequency of the pile group is 0.56Hz and its natural
period is therefore 1.79 seconds. If we approximate the pile group as a
single degree of freedom system as in Example 5, we can use the design
spectrum for sand from Eurocode 8 shown in Fig. 6.3. The use of this

p.layert
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spectrum assumes that the damping in the liquefied soil will be
approximately 20%, which is reasonable as the soil will undergo large
shear strain in the liquefied state.

From Fig. 6.3, it can be seen that for a time period of 1.79 seconds,
the spectral acceleration is 0.9 x a,. The response acceleration of the pile
group in the liquefied ground will therefore be 0.9 x 0.2g = 1.8m/s”.

The horizontal inertial load on the pile group will be:

H =940x10"x1.8 =1.69 MN. (6.76)

The peak horizontal displacement during the inertial response of the
pile group can now be calculated using the equivalent horizontal stiffness
calculated in Eq. 6.74 as:

0, = 1.69 =0.146 m. (6.77)
2.9x4
By comparing the results of this example with Example 5, it can be
seen that liquefaction of the upper soil layer

reduces the lateral stiffness of the foundation substantially;
lengthens the natural period of the foundation;
reduces acceleration at the top of the foundation (which will
become the input acceleration for the superstructure); and

e increases the lateral response of the foundation substantially.

6.5 Design of Piles in Sloping Liquefiable Ground

6.5.1 Example 10: Pile group in two-layer soil profile subject to
lateral spreading

The soil profile considered in the previous examples (and shown in
Fig. 6.1) is now assumed to gently slope at an angle of 3° to the
horizontal. The pile group which has been designed over the previous
examples will now be checked against lateral spreading of the soil. The
pile cap is assumed to be 6m % 6m in plan and 1.5m thick. This would
permit a pile-to-pile spacing within the group of ~5D, which is
sufficiently large to neglect pile-soil-pile interaction effects.
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Following the recommendations of Chapter 4, limiting lateral earth
pressures will be used, rather than a displacement-based approach. This
is particularly suitable in this case considering the difference in relative
stiffness between the pile group and the liquefied soil, which would
suggest that large relative soil-pile displacement will occur. A lateral
pressure of 20kPa will be assumed to act laterally downslope on each
pile and on the upslope face of the pile cap. Shear forces on the sides and
underside of the pile cap are neglected. The foundation and the forces
acting on it are shown in Fig. 6.10.

¢9.4 MN
Bk Fsail 3
j}sm_l\z— > l——l
- = e e
6m || By =1l
E Medium, — o
* silty sand o S
i 8m - & 8m
(=1 o
~ S +L
h >4 —
—F— BN e =
2 B LY S
20m depth
E
=43 Dense sand
v_ =51}
v

Fig. 6.10 Layout of pile group in two-layer soil profile, sloping at 3°.

By combining Eqgs. 5.5-5.9 it is possible to obtain an expression for
the expected pile group displacement in terms of the applied forces/
pressures:

[2(F,,, +H)+Np,D,L]L

o= 2NP(2f, —1) ' (6.78)
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In Eq. 6.78, the parameter (F,,, + H) replaces F.,,, as used in Egs.
5.5-5.9 to account for the two horizontal forces which act at the head of
the piles (pile cap level), namely the lateral pressure from the spreading
soil on the pile cap (F.,,) and the peak inertial force (H).

Assuming a lateral pressure of 20kPa gives a lateral force per unit
length acting on the pile of:

p, =20xD, =15kN/m. (6.79)

The effective pile length above the fixity was calculated in Example 9
as 11.83m. The soil force acting on the pile cap in this case is given by:

=20x6x1.5=180kN. (6.80)

mll

Each of the four piles in the group is assumed to carry one quarter of
the total vertical load, i.e. 2.35MN. At this axial load, the non-
dimensional parameter 4L is given by:

P /23
IUL—(\/gJL—( 398]1183 0.91 (6.81)

The factor f4 may then be read from Fig. 5.8 at this value of L,
giving f, = 7.2. As outlined in Chapter 5, two limiting cases should be
considered, namely:

I. residual response at maximum spreading displacement (post-
earthquake condition); and
2. peak transient response during earthquake shaking.

The permanent horizontal displacement due to the spreading alone
will first be calculated (i.e. H# = 0). Using Eq. 6.78, the pile group
displacement is then given by:

[2x 180+0)+4x15x0.75x11.83 |x11.83
=0.042 m. (6.82)
2x4x2350%(2x7.2-1)

During the earthquake, however, the inertial loads calculated in
Example 9 will also be acting. Following the recommendations outlined
in Sec. 5.2.1, the peak transient response may be estimated by
superimposing the loads due to lateral spreading and inertial effects.
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Equation 6.82 is therefore recalculated using H which is assumed to be
the same as that computed in Example 9 (Eq. 6.76):

5 _[2x(180+1690) +4x15x0.75x11.83]
 2x4x2350x(2x7.2—1)x(11.83)"

=0.201m. (6.83)

Having calculated the expected peak displacements of the pile group,
the pile section must be checked to ensure that the displacements are not
large enough to cause yield in the piles. Comparing Eqs. 5.5 and 5.6 it is
clear that for non-zero p;, the bending moments will be larger at the
bottom of the pile. The limiting displacement for pile yield may therefore
be found using Eq. 5.5, by setting the moment equal to the yield moment
for the pile section:

~1800=-(2350x5,,,,x7.2) —(Mx 0.0695j (6.84)

0.0768°
giving Jers = 0.099m.

If the vertical load on the pile group from the superstructure was
neglected, the piles would only carry at most the weight of the pile cap

(assuming that there was little bearing pressure developed between the
cap and the silty sand. Under these conditions:

P:24><103><46><6><1.5

= 324 kN. (6.85)

Repeating the procedure in Eqgs. 6.82 and 6.83 gives a residual
displacement of &, = 0.039m and a peak transient displacement of &, =
186mm. For the stiff steel piles considered herein, the effects of the
axial load (P-6 moments) are small. This may not be true for longer,
more flexible piles, however.

Comparing the yield displacement of the pile section (Eq. 6.84) to
Egs. 6.82 and 6.83, it is clear that under the spreading forces alone, the
piles would not be expected to yield, but that the high transient inertial
forces are expected to cause damage in the earthquake considered in this
chapter. In order to mitigate this, the peak displacements during the
transient and spreading phase must be reduced. A number of steps may
be taken to achieve this:
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1. isolate the foundations from the inertial loads;
increase the number of piles in the group (increase lateral
stiffness); and/or

3. increase the size of the piles (increase lateral stiffness and yield
capacity).

6.5.1.1 Method I

By substituting the yield displacement of 99mm into Eq. 6.78, it can be
seen that the inertial force H must be reduced to at least 86kN (i.e. 5% of
the actual inertial load). This may not be feasible in practice.

6.5.1.2 Method 2

Increasing the number of piles in the group will increase the lateral
bending stiffness of the foundation, and reduce the axial load per pile
(both of which will reduce displacement). However, it will also increase
the area of the foundation upon which the liquefied soil pressure acts.
The calculations may be repeated, increasing N in an iterative manner.
Alternatively, the equations may be programmed into a spreadsheet to
determine a suitable value of N. This has been completed for the
foundation in this example, and the results are shown in Fig. 6.11.

It can be seen from Fig. 6.11 that a minimum of nine piles (i.e. a 3 X
3 group) would be required to prevent the piles yielding under the peak
(transient inertial and kinematic) forces. This is likely to be costly (many
more piles, larger pile cap).

0.5.1.3 Method 3

As an alternative to Method 2, piles of larger section may be specified.
The calculations detailed previously in Example 10 have been
reproduced for steel tubular piles of 1 m outside diameter (wall thickness
= 16mm), which have a bending stiffness EI = 1257MNm’ and plastic
yield moment of 4260kNm. The results are shown in Fig. 6.12.
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Fig. 6.11 Increase in number of piles (N) required for the pile to satisfy performance
criteria (no pile yield), 0.75m diameter steel tubular piles.
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Fig. 6.12 Number of piles (N) required for the pile to satisfy performance criteria (no pile
yield), Im diameter steel tubular piles.
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From Fig. 6.12, it is clear that by increasing the piles to 1lm diameter
sections, it is not necessary to increase the number of piles in the group.
A 2 x 2 group of these larger piles is likely to be more economical than
the 3 x 3 design of Method 2, requiring the pile cap to be increased only
slightly in area, and using 20% less steel (in terms of total volume).

By increasing the size of the piles for the given total vertical
superstructural load, the larger piles should automatically be safe against
all axial conditions as the factor of safety will have increased compared
to the original design consisting of the same number of smaller piles
(e.g. the 2 x 2 group of 0.75m diameter piles in this case). The increase
in bending stiffness due to the increase in diameter will also make the
larger piles safer from instability (buckling) than the original design
(c.f. Chapter 3).

A comparison of the different designs considered in this example is
given in Table 6.5. From this table, it can be seen that the 2 x 2 group of
Im diameter piles outperforms the other designs, and shows how the
methods outlined in this book may be used to determine an optimal,
efficient pile design that is safe and/or serviceable under a given
earthquake loading.

Table 6.5 Comparison of foundation designs considered in Example 10.

Design from Method2  Method3 Comments

Example 9  design design
Group configuration 2x2 3x3 2x2
Number of piles, N 4 9 4
Pile diameter (m) 0.75 0.75 1.00
Pile capacity (kN) 4751 4751 6394 Using CPT/MTD
Axial load/pile (kN) 2350 1044 2350 = 9400/N
FOS (axial) 2.0 4.6 2.7
O/Byiela 2.03 0.99 0.82
Volume of steel (m”) 2.23 5.01 3.96
Approx size of pile cap (m) 6 9.75 8
Comments Unsuitable Suitable, Suitable, &
due to yield but costly  outperforms
in spreading method 2

soil design in all
areas
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6.5.2 Example 11: Pile group in three-layer soil profile subject to
lateral spreading

In this final example, the effect of a cohesive and relatively impermeable
crustal layer will be considered, which surrounds the pile cap (see
Fig. 6.13). This will lie above the 8m thick medium silty sand layer and
the dense clean sand layer of the previous examples. It will be assumed
here that the additional overburden stress due to the crustal layer does not
substantially alter the mechanical properties or liquefaction-susceptibility
of the two underlying sand layers. The pile group design is the same as
that considered initially in Example 10, namely a 2 x 2 group of 20m
long, 0.75m diameter piles.

Clay ¢9.4 MN
sy= 20 kPa 3
__-.i Fsod <
1 |ism —> |
< > — TTRT A
6m ™ B
E Medium, > —
4 si © ©
i Ity sand - e+ | £ At
=i ol
o~ o~ + L,
—|—' B [
Y ST e s
s Fim}y"' ¥
20 P el ) oL 3 e g R
0 depth
E
L Dense sand
[, ] | |
v

Fig. 6.13 Layout of pile group in three-layer soil profile, sloping at 3°.

The ultimate force which can now be applied by the crustal layer to
the pile cap may be found using Eq. 2.17 as:
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F, =37 +2)s,x6x1.5=2056 kN. (6.86)

It is assumed that the crustal layer and the liquefied sand both move
further than the pile so that the limiting soil pressures in each layer act on
the piles in a downslope direction. Under these loadings, the expected
pile group deflections are given by Eqs. 6.87 and 6.88 for residual and
peak transient conditions respectively.

5 _[2%(2056+0)+4x15x0.75x11.83]
 2x4x2350x(2x7.2-1)x(11.83)"

=0218m (6.87)

5 _[2x(2056+1690) +4x15x0.75x11.83]
 2x4x2350x(2x72-1)x(11.83)

0.377m (6.88)

Comparison of the results of Eqs. 6.87 and 6.88 with Eqgs. 6.82 and
6.83 confirms that the presence of nonliquefiable crustal layers which do
not show appreciable strength degradation are very much more damaging
to piled foundations than when they are completely surrounded by
liquefied soil. Considering Eq. 6.86, this effect will become considerably
worse as size of the pile cap or the shear strength of the crustal layer
increases.

6.6 Summary of Inclusive Design Procedure

The examples presented in this chapter have shown how static and
seismic design of pile foundations may be combined within an inclusive
design method. They have shown how piles may initially be sized based
on static vertical criteria, with this design then being refined and
optimised to cope with seismically induced loads in nonliquefiable,
liquefiable and laterally spreading soils. The process underpinning
Examples 1-11 has been summarised in the form of a flow chart to aid in
the design process. This is presented in Fig. 6.14. All of the evaluative
procedures necessary for completion of the design may be found in
Chapters 1-5 of this book (and the accompanying references), with
detailed worked examples of their application to a foundation design
problem presented in Examples 1 to 11.
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