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FOREWORD

The original seven EERI monographs were published between 1979
and 1983 and grew out of a seminar series on earthquake engineering
organized by EERI and presented in several cities. The monographs
covered the basic aspects of earthquake engineering in some detail,
including seismicity, strong motion records, earthquake spectra, lig-
uefaction, dynamics, design criteria, and codes. The themes were
fundamental and focused, and the content was thorough and gener-
ally non-controversial. These monographs filled a gap in available
documents and were highly acclaimed.

This monograph is intended to update a subject area covered in
the original series. The 1982 monograph entitled Ground Motions and
Soil Liquefaction During Earthquakes, authored by H. Bolton Seed
and .M. Idriss, became a classic text used around the world, primarily
for the prediction of liquefaction considering local soils conditions
and seismicity. It was so popular and well-used that requests for up-
dates have been persistent for fifteen years.

The material on ground motion covered in the 1982 monograph
has become a major field of research and is now well covered in
the literature. For example, the influence of soil conditions on local
ground motion is now completely accepted and is incorporated into
building codes. The use of response spectra to characterize seismic
demand at a site is universal. Attenuation relationships not only for
peak ground acceleration but also for spectral ordinates are in their
third generation, including the recently completed next generation
attenuations (NGA) developed under the coordination of the Pacific
Earthquake Engineering Research Center.

This monograph therefore focuses on liquefaction and covers
liquefaction triggering analysis, consequences and mitigation of lig-
uefaction, and includes an important chapter on cyclic softening of
saturated clays not covered in the 1982 monograph. The material has

xi
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been painstakingly collated and edited and has been thoroughly re-
viewed by a large group of experts, including Jonathan Bray, Steven
Kramer, James Mitchell, Jonathan Stewart, Bruce Kutter, Lelio Mejia,
Yoshi Moriwaki, and Dan Wilson.

WiLLiam T. HoLMES
Cuar, EERI MonoGrRAPH COMMITTEE
April 2008

xii
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PREFACE

The 1982 monograph, Ground Motions and Soil Liquefaction during
Earthquakes, by H. Bolton Seed and I. M. Idriss, met the need at
that time for a simple representation of the essential elements of both
earthquake ground motions and soil liquefaction that could be readily
understood by engineers who have no particular familiarity with the
field.

When we set out to update that monograph, it quickly became
clear that a single monograph could no longer provide sufficient cov-
erage of both earthquake ground motions and soil liquefaction. The
body of knowledge about these topics has grown so considerably
that the current need, which is markedly different from 26 years
ago, is for a thorough synthesis of the last 26 years of progress
into one accessible resource for students, practicing engineers, and
other professionals. Fulfilling such a need for both ground motions
and soil liquefaction was impractical within the format of a single
monograph, and therefore we chose to focus this monograph on soil
liquefaction.

A draft of this monograph was sent to Drs. Jonathan D. Bray,
Steven L. Kramer, Bruce L. Kutter, Lelio H. Mejia, James K. Mitchell,
Yoshi Moriwaki, Jonathan P. Stewart, and Daniel W. Wilson for their
review and comments. Dr. Wilson also checked the equations and the
figures for correctness and consistency.

The comments and suggestions we received were extensive, de-
tailed, comprehensive, and on target. We believe that, in addressing
these comments and incorporating many of the suggestions, the qual-
ity of the monograph has been significantly enhanced.

We are very grateful to these colleagues for generously giving
of their time and for providing such valuable and thorough input.

xiii
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It is hoped that this monograph on soil liquefaction will serve its
intended purpose and, hence, prove useful to readers as a resource in
understanding and addressing soil liquefaction problems in teaching,
research, and engineering practice.

I. M. Ipriss,
SanTa, FE, NEW MEXICO

and
R. W. BOULANGER,

Davis, CALIFORNIA
July 2008
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SYMBOLS AND ACRONYMS

Amax maximum acceleration, or maximum horizontal
ground surface acceleration

a, yield acceleration

ACU anisotropically consolidated undrained

BPT Becker penetration test

Cg SPT correction factor for energy ratio

Cp SPT correction factor for borehole diameter

Cy SPT or CPT overburden correction factor

Cr SPT correction factor for rod length

Cs SPT correction factor for omitting sampler liners

Cop adjustment factor for the effects of two-directional
cyclic loading

CPT cone penetration test

CRR cyclic resistance ratio

CRRy cyclic resistance ratio at a given earthquake magnitude

CSL critical-state line

CSR cyclic stress ratio

Dp relative density

Dp.cs relative density at critical state

DSS direct simple shear

ER,, measured value of SPT energy ratio

F CPT friction ratio

FC fines content

FS factor of safety

FSiy factor of safety against triggering of liquefaction

H depth to bottom of liquefied layer
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Nliq
(N1)60

(N1)60cs
(N1)60cs—sr

NCEER
NRC
NSF
OCR

height of free face for a lateral spread
hydraulic gradient

soil behavior type index from CPT data
relative dilatancy index

isotropically consolidated drained
isotropically consolidated undrained

correction factor for the effects of an initial static
shear stress ratio

coefficient of lateral earth pressure at rest
overburden correction factor

distance from the free face in a lateral spread
lateral displacement

lateral displacement index

liquidity index

large penetrometer test

earthquake magnitude

critical-state stress ratio in triaxial compression
magnitude scaling factor

number, number of blows, or number of loading cycles
number of equivalent uniform loading cycles

number of equivalent uniform loading cycles required
to trigger liquefaction

SPT blow count corrected to ER = 60% and an
effective overburden stress of 1 atm

equivalent clean sand (Np)go for computing the CRR

equivalent clean sand (N})g for computing residual
shear strength

National Center for Earthquake Engineering Research
National Research Council

National Science Foundation

overconsolidation ratio

mean total stress

mean effective stress

mean effective stress at consolidation

atmospheric pressure

xvi
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qc
qcl

qdcIN

QSSL
ra
Tu

Yu,lim

Scs
Soss
Su

Sll}"

Si
SASW
SPT

Sv—lD
Up
V1

Wp

Zmax

probability of liquefaction
plasticity index

deviator stress

cyclic deviator stress

cone tip resistance

cone tip resistance corrected to an effective
overburden stress of 1 atm

normalized overburden corrected cone tip resistance

normalized cone tip resistance for soil classification,
or parameter in /pp and & relationships

quasi-steady-state line
shear stress reduction coefficient
excess pore water pressure ratio

limiting residual value of excess pore water pressure
ratio

reference stress level

value of s, /o, for OCR = 1

undrained shear strength at critical state
undrained shear resistance at quasi-steady state
undrained shear strength

remolded undrained shear strength

residual shear strength of liquefied soil in the field
sensitivity

spectral analysis of surface waves

standard penetration test

settlement due to postliquefaction one-dimensional
reconsolidation

initial pore water pressure
shear wave velocity

shear wave velocity corrected to an effective
overburden stress of 1 atm

natural water content
maximum depth

initial static shear stress ratio
excess pore water pressure

xvii
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Ea
&y
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Pev

Yiim
Vmax

£r

Teye
Tmax

Ts

axial strain

volumetric strain

effective friction angle

critical-state effective friction angle
total unit weight, or shear strain
limiting value of shear strain
maximum shear strain

relative state parameter, or relative state parameter
index

major principal total stress

minor principal total stress

vertical total stress

effective stress (e.g., o, = vertical effective stress)

effective stress at consolidation (e.g., o, . = vertical
effective stress at consolidation)

effective preconsolidation stress (e.g., cr,jp = vertical
effective preconsolidation stress)

cyclic shear stress
maximum shear stress
static shear stress
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1 SOIL LIQUEFACTION DURING EARTHQUAKES

1.1 Effects of Soil Liquefaction

One of the most dramatic causes of damage to structures dur-
ing earthquakes is the occurrence of liquefaction in saturated sand
deposits. Loose sand tends to contract under the cyclic loading im-
posed by earthquake shaking, which can transfer normal stress from
the sand matrix onto the pore water if the soil is saturated and largely
unable to drain during shaking. The result is a reduction in the effec-
tive confining stress within the soil and an associated loss of strength
and stiffness that contributes to deformations of the soil deposit.

A common manifestation of liquefaction is the formation of sand
boils or mud spouts at the ground surface by seepage of water through
ground cracks or, in some cases, by the development of quicksand-
like conditions over substantial areas. Figure 1 shows sand boiling
along a fissure in the ground caused by an earthquake, and Figure 2
shows a sand boil after the liquefaction-induced boiling has ceased.
The damage from liquefaction is seldom, however, due to the sand
boils themselves, but rather due to the loss of strength and stiffness in
the soils that have liquefied and the associated ground deformations
that ensue.

Some of the most dramatic illustrations of liquefaction-related
damage to civil infrastructure were observed after the 1964 Niigata,
Japan earthquake and 1964 Prince William Sound, Alaska earthquake,
which helped to identify liquefaction as a major problem in earthquake
engineering. For example, the loss of shear strength and stiffness
in liquefied sands during the 1964 Niigata earthquake resulted in
dramatic bearing failures beneath buildings (Figure 3), the floating of
buried tanks and other buoyant structures (Figure 4), and the collapse
of bridges, including the Showa Bridge (Figure 5).
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Figure 1. Sand boiling caused by liquefaction of underlying sediments
during the 1978 Miyagi-ken-Oki, Japan earthquake (original source
unknown).

Figure 2. Sand boil after liquefaction-induced boiling from the 1989 Loma
Prieta, California earthquake has ceased.
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Figure 3. Tilting of apartment buildings caused by the 1964 Niigata
earthquake (photo: National Information Service for Earthquake
Engineering, EERC, University of California, Berkeley).

Figure 4. Floating of buried tank in liquefied ground, caused by the 1964
Niigata earthquake (photo: Kawasumi 1968).
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Figure 5. Showa Bridge collapse, caused by liquefaction and lateral
spreading during the 1964 Niigata earthquake (photo: National Information
Service for Earthquake Engineering, EERC, University of California,
Berkeley).

A number of other major earthquakes have since provided simi-
lar and additional observations related to liquefaction. Among these
earthquakes are the 1971 San Fernando and the 1989 Loma Prieta
earthquakes in California, the 1995 Kobe earthquake in Japan, the
1999 Kocaeli earthquake in Turkey, and the 1999 Chi-Chi earthquake
in Taiwan.

The slide that formed in the upstream shell of the Lower San
Fernando Dam during the 1971 San Fernando earthquake left the dam

4

For more monographs, publications, or videos, visit http://www.eeri.org



Figure 6. Slide in the upstream shell of the Lower San Fernando Dam after
the 1971 San Fernando earthquake (photo: California Department of Water
Resources).

with no more than about 1 m of freeboard against release of the reser-
voir and necessitated the evacuation of about 80,000 people who were
living downstream of the dam. The dramatic extent of the slope failure
is shown by a photo (Figure 6) taken after the reservoir had been drawn
down, with the distorted pavement of the former road across the dam
crest marking the extent of the slide movements. This near-catastrophe
marked a major change in embankment dam engineering throughout
the world and has been the subject of numerous research efforts.

The 1995 Kobe earthquake caused pervasive liquefaction
throughout the reclaimed lands and manmade islands in the Kobe
region, which is home to one of the largest container port facilities
in the world. Liquefaction in these fills caused extensive damage to
quay walls around the port facilities and associated damage to the
cranes and other supporting facilities. For example, Figure 7 shows
quay wall displacements of a few meters, graben formation behind
the quay wall, and damaged and collapsed cranes in the background.
The pervasiveness of liquefaction-induced damage caused an almost
complete loss of functionality for the ports around Kobe, and the re-
sulting economic loss was far higher than the direct costs of repairing
the physical damage.
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Figure 7. Quay wall deformation, graben formation, and crane collapses at
Port Island after the 1995 Kobe earthquake.

1.2 Development of Engineering Procedures for Assessing
and Mitigating Liquefaction

To assess and mitigate potential liquefaction hazards at a specific
site, several questions must be addressed:

e Will liquefaction be “triggered” by the design ground motions?

e What will be the consequences for the structure or facility?

e Whatare the options for mitigating the potential consequences?
The development of engineering procedures that address these ques-
tions has involved the synthesis of theoretical as well as empirical
considerations that have emerged over the last several decades.

For example, in evaluating the potential for triggering liquefac-
tion, an essential component is to identify an appropriate means of
measuring, or estimating, the soil’s resistance to liquefaction dur-
ing seismic (cyclic) loading. In principle, the cyclic behavior of a
soil could be determined by obtaining high-quality field samples
and then testing them in an appropriate laboratory device. Experi-
ence has shown that sand samples obtained by conventional sampling
techniques are sufficiently disturbed to render the resulting measure-
ments of cyclic strength unreliable in most situations. More reliable
sampling techniques are available that lessen this disturbance to ac-
ceptable levels, but only at great expense. Consequently, recourse is

6
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generally sought by using in-situ tests—standard penetration tests
(SPTs),conepenetration tests (CPTs), Becker penetration tests (BPTs),
and shear wave velocity (/) measurements—as indices for estimat-
ing the liquefaction resistance of sands and other cohesionless soils.

Cohesive sediments (e.g., clays and plastic silts) can also de-
velop significant strains that result in ground deformations during
earthquake loading, particularly where (a) the sediments are soft and
sensitive, (b) there is a significant driving shear stress (e.g., a slope
or foundation load), and (c) the shaking is sufficiently strong. The
difference in shear strength characteristics between cohesionless and
cohesive soils, however, affects the choice and outcome of engineer-
ing procedures for evaluating a soil’s response to seismic loading
(e.g., clays can be sampled and tested with reasonable confidence and
expense). For this reason, it is preferable to use the term “liquefac-
tion” to describe the behavior of cohesionless soils (gravels, sands,
and very-low-plasticity silts) and the term “cyclic softening” to de-
scribe the behavior of clays and plastic silts. Criteria and procedures
for evaluating the potential for cyclic softening in cohesive soils are
described in Section 6 of this monograph.

The development of analytical procedures for assessing lique-
faction triggering has relied on empirical data to provide the link
between liquefaction resistance and various in-situ test indices. This
development can be described by the following steps:

¢ Establishing a framework of analysis that is well founded in

the fundamentals of soil mechanics and physics

¢ Collecting case histories that represent a range of observed lig-

uefaction characteristics, including cases in which liquefaction
did not occur
¢ Interpreting the case histories by using the established analy-
sis framework, from which semi-empirical relationships that
distinguish between the occurrence and nonoccurrence of lig-
uefaction can be derived
As with assessment, the development of engineering procedures for
evaluating the potential consequences of liquefaction and designing
mitigation strategies has involved a synthesis of theoretical and em-
pirical considerations.

1.3 Purpose and Scope of This Monograph

The purpose of this monograph is markedly different from
the purpose of the 1982 monograph, Ground Motions and Soil

7
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Liquefaction during Earthquakes. At the time of the earlier work,
there was a need for a simple representation of the essential elements
of liquefaction that could be readily understood by engineers who
have no particular familiarity with it. Since then, the body of litera-
ture and knowledge about liquefaction has grown considerably, and
the evaluation of liquefaction effects has become common in con-
sulting practice. The current need is for a thorough synthesis of the
progress from the last 25 years into one accessible resource for stu-
dents, practicing engineers, and other professionals. Accordingly, the
remaining sections of this monograph present the following topics:

e Fundamentals of liquefaction behavior. Fundamental aspects
of liquefaction behavior are summarized, to provide a frame-
work for a common understanding of the development and
limitations of various engineering analytical procedures.
Monotonic and cyclic loading behaviors of saturated sands are
described with reference to critical-state soil mechanics con-
cepts, which are particularly valuable for organizing obser-
vations pertaining to the combined effects of relative density
and confining stress. The laboratory testing of field samples
is discussed, to illustrate some additional fundamental fea-
tures of soil behavior and the challenges posed by the effects
of sampling disturbance. Field processes that are not repli-
cated in laboratory tests but can be extremely important in
how geotechnical structures perform are also described.

e Triggering of liquefaction. Methods for evaluating the poten-
tial for liquefaction triggering are described and illustrated.
This section discusses the liquefaction susceptibility of dif-
ferent sedimentary deposits, the analytical framework for site-
specific liquefaction triggering evaluations, important features
of the in-situ tests used as indices for liquefaction character-
istics, liquefaction triggering correlations for sands and silty
sands, and examples of liquefaction triggering analyses.

e Consequences of liquefaction. The potential consequences of
liquefaction are discussed, with an emphasis on three of the
more common consequences that are of concern in engineering
practice: (a) the residual strength of liquefied soil and the po-
tential for slope instability, (b) lateral spreading of gently slop-
ing or nearly level ground profiles, and (c) post-liquefaction
settlement that is due to liquefaction beneath gently sloping or
nearly level ground profiles. Examples of lateral spreading and
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post-liquefaction settlement analyses are presented, followed
by a discussion of the margin of safety in engineering practice.

e Mitigation of liquefaction hazards. The evaluation and selec-
tion of possible mitigation strategies are discussed, followed by
an overview of many of the more common methods for ground
improvement. General design and construction considerations
are also discussed.

¢ Cyclic softening of clays and plastic silts. The potential for
cyclic softening of cohesive fine-grained soils during earth-
quake shaking is discussed, and engineering procedures for
evaluating their potential performance are presented. Low-
plasticity fine-grained soils can transition from behavior that is
more like sands to behavior that is more like clays, and simple
index criteria for deciding how best to evaluate these types of
soils are discussed. The potential consequences of cyclic soft-
ening, and the factors affecting those consequences, are also
discussed.
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2 FUNDAMENTALS OF LIQUEFACTION BEHAVIOR

This section reviews the fundamental aspects of soil liquefaction
behavior that are particularly important in understanding the devel-
opment and limitations of the various engineering procedures that are
presented in subsequent sections and provides a framework for guid-
ing practical judgments and design decisions in many situations. The
principal features of the response of saturated sand to drained and
undrained monotonic and cyclic loading are described first. Then the
issues involved in laboratory testing of field samples, and particularly
the effects of sampling disturbance, are presented. Last, field pro-
cesses that are not replicated in laboratory tests but can be extremely
important in the way geotechnical structures perform are described.

2.1 Monotonic Loading of Saturated Sands

The stress-strain response of sand to monotonic or cyclic load-
ing is strongly dependent on the sand’s relative density (Dg), effec-
tive confining stress, stress history, mode of deposition, and several
other factors. The concepts of critical-state soil mechanics are particu-
larly valuable for organizing observations pertaining to the combined
effects of Dy and confining stress on the material response in labora-
tory element tests (e.g., Schofield and Wroth 1968). The term “crit-
ical state” refers to the conditions that exist in sand when it is being
sheared continuously and no further changes in volume or stress are
occurring, and it is described by the critical-state line (CSL), which
represents all possible combinations of void ratio and confining stress
at the critical state. The term “steady state” refers to the critical-state
condition with the additional requirement of a steady rate of defor-
mation. Inasmuch as the steady state and critical state are essentially
synonymous, the term “critical state” is used in this monograph.

11
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Figure 8. The stress paths for monotonic drained loading with
constant p’ and undrained loading (constant volume shearing) of
saturated loose-of-critical and dense-of-critical sands.

Figure 8 illustrates the paths of saturated sands to drained and
undrained monotonic loading for initial states that are “loose of crit-
ical” and for those that are “dense of critical.” The drained paths are
shown for a constant mean effective stress (p’) loading condition, and
the undrained paths occur at constant volume (or void ratio).

Examples of drained and undrained responses for sands prepared
loose and dense of critical are presented subsequently to illustrate
these and other aspects of their behavior.

Drained Loading

The response of sand to drained monotonic loading is illustrated
by the results from isotropically consolidated drained (ICD) triaxial
compression tests on Sacramento River sand, as shown in Figure 9
(Lee and Seed 1967). The symbol P, shown in these plots represents
atmospheric pressure, which is equal to 1.03 kg/cm?, 1.06 tsf, or
101 kPa, and o3, is the effective confining stress used to consolidate
the specimen before shearing. The principal stress ratio at failure is
related to the effective friction angle (¢') as follows:

(%)l — (454 %) ()
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Figure 9. Monotonic loading response of dense (Dr = 100%) and loose
(Dr = 38%) specimens of Sacramento River sand in drained triaxial
compression tests, as shown in graphs (a) and (b) respectively (after Lee
and Seed 1967, with permission from ASCE).

with the peak principal stress ratio corresponding to the peak effective
friction angle (¢,/U ) and the residual principal stress ratio at large
strains corresponding to the critical-state or constant-volume effective
friction angle (¢.,).

The Dr = 100% specimens in Figure 9a were dilatant (loosened)
during drained shear with effective confining stresses, o3, < 10 atm
(approximately 1,000 kPa). The dilation can be conceptually viewed
as arising from the need for the sand particles, which are densely
packed, to ride up over each other (creating more void space between
them) in order to shear past each other.

Atoz, > 19 atm, the Dr = 100% specimens became contractive
(densified) during drained shear. At these very high confining stresses,
shear deformations can be accommodated through particle breakage
and particle rearrangement without the particles necessarily having
to roll or rotate up over each other.

13
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Figure 10. Global and local void ratios within triaxial sand
specimens of loose and dense Hostun sand from x-ray computed
tomography (adapted from Desrues et al. 1996 and Frost and Jang
2000, with permission from ASCE).

The Dr = 38% specimens in Figure 9b were dilatant (loosened)
during drained shear with o3, of 1 atm, showed only minor volume
changes with o3, of 1.9 atm, and were contractive (densified) with
03, > 4.4 atm.

The ultimate or critical-state values for the principal effective
stress ratio were all trending toward a consistent value of roughly
3.3 for the Dy = 38% and for the Dy = 100% specimens, regardless
of the initial consolidation stress. This principal effective stress ratio
corresponds to a critical-state friction angle (¢.,) of about 32° for this
sand.

Nonuniformities of strain within laboratory test specimens com-
plicate the experimental determination of the CSL (e-p’), as illus-
trated in Figure 10, which shows global and local void ratios in loose
and dense sand specimens sheared in drained triaxial compression
(Desrues etal. 1996). Shear bands occur within dense sand specimens
during drained loading and result in post-peak strain softening; once
a shear band forms, it becomes weaker than the surrounding soil, and
thus any further deformation is concentrated on the already-formed
shear band. The void ratios within the shear band are substantially
different from void ratios outside the shear band. Shear bands do

14
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not tend to form in loose (contracting) sand during drained loading,
because the soil strain-hardens as it continually gets denser during
drained shear, in such a way that the onset of shearing on one plane
means that it gets stronger than other potential shear planes, and thus
any further deformation shifts away from the current shear plane.
One consequence of shear band localizations in dense sands during
drained shear is that the global void ratio (the average over the en-
tire specimen) does not correspond to the critical-state void ratio.
Instead, only the void ratio within the shear band corresponds to the
critical state, and measuring the void ratio within a shear band re-
quires very sophisticated measurements like x-ray tomography (e.g.,
Desrues et al. 1996) or digital image correlation techniques (e.g.,
Finno and Rechenmacher 2003).

Undrained Loading

The response of sand to undrained monotonic loading is illus-
trated by the results from isotropically consolidated undrained (ICU)
triaxial compression tests on saturated Toyoura sand, as shown in
Figure 11 (Ishihara 1993). Volumetric strains are approximately zero
during undrained shearing of saturated sand, and thus the void ratio of
the specimens stays constant during undrained loading (local changes
in the void ratio can occur, but the average for the entire specimen is
constant). The deviator stress ¢ and mean principal total and effective
stresses p and p’ are defined as

gq=01—03=0 —03 (2)
o1+ 03+ 03

p=TT0EE )
o] + o5+ o4

r_ 91 3)2 3=p—u 4)

The intermediate and minor principal effective stresses are equal
in a triaxial compression test. As for notation, the effective stresses at
the time of consolidation (before undrained loading) are identified by
a subscript ¢, so the minor principal effective consolidation stress is
o03.., the major principal effective consolidation stress is o} ,, and the
mean effective consolidation stress is p...

Theratio of ¢ / p’ at critical state in triaxial compression is defined
by the parameter M., which is related to the effective friction angle

15
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Figure 11. Monotonic loading response of saturated Toyoura sand in
ICU triaxial compression tests (after Ishihara 1993): (a) Dp = 16%,
(b) Dg = 38%, (c) Dg = 64%.

¢, as follows:

P 3 —sin(¢.,)
3. M,
. / — C 6
sin (¢C\/) 6+ MC ( )

The Dr = 16% specimens in Figure 11a were tested with o3, =
0.1 —1.0 atm (10-100 kPa). For o3, = 0.6 atm and o3, = 1.0 atm,
the specimens showed some post-peak strain softening, followed by
some strain hardening toward the constant volume shearing condition
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(or critical state). These specimens were initially contractive in their
tendencies (i.e., they would have contracted if drained) and thus devel-
oped positive excess pore water pressures (Au), with corresponding
decreases in p’ during the initial loading and post-peak softening por-
tions of loading response. Then, at strains of 10—15%, the specimens
became incrementally dilative in their tendencies, and thus the pore
pressures began to incrementally decrease, and p’ began to incremen-
tally increase with increasing strains. The two specimens at o, of only
0.1 and 0.2 atm showed strain-hardening behavior through almost the
full range of imposed strains. This strain-hardening behavior is due to
their dilatant tendencies, which result in increasing p’ (decreasing u)
during undrained shear loading. Most importantly, the four specimens
tended toward the same critical-state strength at large strains, despite
having been initially consolidated at very different confining stresses.

The Dp = 38% specimens in Figure 11b were tested with o, =
1.0-30 atm (100-3,000 kPa). The specimens that had the lower con-
solidation stresses exhibited a strain-hardening response (i.e., increas-
ing p’ due to dilatant tendency) during undrained loading, while the
specimens at the higher consolidation stresses exhibited some post-
peak strain softening (i.e., decreasing p’ due to contractive tendency).
The four specimens had the same critical-state strength at large strains,
which was about 18 times larger than the critical-state strength for the
Dpr = 16% specimens.

The Dp = 64% specimens in Figure 11c were also tested with
03, = 1.0-30 atm. The four specimens showed strain-hardening re-
sponses and again reached the same critical-state strength at large
strains. For these specimens, the critical-state strength was almost
3 times greater than for the Dr = 38% specimens.

The transition from incrementally contractive tendencies (p’ de-
creasing) to incrementally dilative tendencies (p’ increasing) during
undrained shearing is called “phase transformation” (Ishihara et al.
1975). Phase transformation for the tests shown in Figure 12 occurs
at points P and Q, which are also points of minimum shear resistance.
The various states of stress and void ratio at this phase transformation
point during monotonic undrained loading define what is called the
“quasi-steady-state” line (QSSL), and the corresponding shear resis-
tance is called the quasi-steady-state strength. The quasi-steady-state
strength can be substantially smaller than the critical-state strength
and is usually reached at strains equal to a few percent.

The direction of shear loading can also have a large effect on
the sand’s undrained stress-strain behavior. For example, Figure 13
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Figure 13. Undrained stress-strain and stress-path responses of
Fraser River sand tested along different stress paths in a torsional
hollow cylinder (after Vaid et al. 1998).

shows the results of undrained loading tests on Fraser River sand in a
special laboratory device that allows the deviator stress to be applied
at different inclinations from the vertical (Vaid and Eliadorani 1998).
The shear resistance of the sand when loaded horizontally (¢, = 90°,
similar to triaxial extension loading) was less than half of the shear
resistance when the sand was loaded vertically (o, = 0°, similar to tri-
axial compression loading), even though the specimens had the same
initial relative density (void ratio) and consolidation stress. These
results illustrate how the direction of loading and fabric anisotropy
can have a strong effect on the undrained stress-strain response of
sands and the corresponding values of QSS strengths. These data
also raise questions about the uniqueness of a CSL, since these spec-
imens did not reach the same shear resistance at large strains. These
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and other experimental results (e.g., Finno and Rechenmacher 1997,
Riemer and Seed 1997) suggest that the CSL may depend on factors
that include the initial state, fabric, consolidation stress history, and
loading path.

2.2 Cyclic Loading Behavior of Saturated Sands

Drained Cyclic Loading

Drained cyclic loading with shear stress reversals can cause a
net contraction (densification) of sand over a wide range of relative
densities. This is why vibration is effective in compacting dry sand
to a high relative density.

The progressive densification of a sand specimen subjected to
strain-controlled, drained, cyclic loading is shown in Figure 14 (Youd

0.58 . r .
Youd (1972): Drained simple shear,
[ Ottawa sand, e,,, = 0.752, e, = 0.484, 1
0.56 | o'\ =48kPa -
i Cycle 1 i
B A E
i = |
0.52 | > .
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o i 20N J
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Figure 14. Void ratio versus cyclic shear
displacement, showing densification of a sand
specimen with successive cycles of drained
simple shear loading (after Youd 1972,

with permission from ASCE).
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1972). The specimen went through alternating cycles of incremental
contraction (a decrease in void ratio) and incremental dilation (an
increase in void ratio), with the net effect being an accumulation of
contractive strains. As shown in the figure, the initial shear loading
caused the specimen to contract from point A to point B, after which
further shear loading caused incremental dilation from point B to
point C. At point C, the specimen was looser than it was at the start
of the test (that is, at point A). Upon reversal of the shear loading,
the specimen then incrementally contracted from point C to point
D (where it was now denser than at the start of the test) before it
transitioned to incremental dilation from point D to E. This process
repeated within each cycle of shear loading, resulting in a steady
accumulation of net contractive strains. The specimen became pro-
gressively denser as cyclic loading continued, with the change in void
ratio per loading cycle becoming progressively smaller.

The magnitude of the volumetric strains that a sand develops dur-
ing drained cyclic loading depends on the magnitude of the imposed
shear strains (or stress), the number of loading cycles, the initial rela-
tive density, the difference between the maximum and minimum void
ratios, the effective confining stress, and the overconsolidation ratio
(e.g., Silver and Seed 1971, Youd 1972, Shamoto and Zhang 1998,
Duku et al. 2008).

The drained cyclic behavior shown in Figure 14 can be directly
related to certain features of behavior in undrained cyclic loading,
as described below. In particular, the fact that the sand transitioned
from incrementally dilative during application of shear loads to in-
crementally contractive during unloading has a strong counterpart in
the undrained loading response.

Undrained Cyclic Loading

In an undrained cyclic loading test, the sand matrix or skeleton
can tend to contract under the cyclic loads, but the resulting rear-
rangement of sand particles instead transfers normal stresses from
the sand matrix to the pore water (i.e., o stays constant, while o’
decreases and u increases). This process is schematically illustrated
in Figure 15 and can be described as follows. The cyclic loading
causes a plastic volumetric contraction of the sand skeleton that
would result in moving from point A to point B if the sand were
drained. For undrained, saturated conditions, the plastic volumetric
strain is counterbalanced by an elastic rebound (expansion) of the
skeleton under a reduced effective stress (i.e., moving from point
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Figure 15. Mechanism of pore pressure
generation during cyclic loading.

B to point C). In the limit, the cyclic loading would completely
break apart the load-bearing contacts among sand particles in such
a way that the sand skeleton would be carrying zero normal stress
(6 = 0), and the pore water would be carrying the entire normal
stress (u = o).

The cyclic undrained loading behavior is illustrated in Figure 16
by the results from an anisotropically consolidated undrained (ACU)
cyclic triaxial test on medium-dense clean sand with uniform sinu-
soidal stress loading. The excess pore water pressure (Au) generated
during undrained cyclic triaxial loading is normalized by the minor
effective consolidation stress (o,.); this ratio is called the excess pore
water pressure ratio (7,):

_Au

; (7)
03¢

Ty
The standard cyclic triaxial test keeps the minor principal total stress

constant, so the maximum possible value for r, is 1.0 (or 100%),
which occurs when Au = o3, and o5 = 0.
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Figure 16. Response of Sacramento River sand to undrained cyclic triaxial
loading (test from Boulanger and Truman 1996).

For standard cyclic simple shear tests, 7, is instead computed on

the basis of the vertical effective consolidation stress (o,.):
Au
ry = —~ (3)
GUC
The maximum possible value for 7, is again 1.0 when the total vertical
stress is held constant, as in a standard cyclic simple shear test.

The », = 1.0 condition is often called “initial liquefaction.”
There are, however, advantages to using the more explicit phrase
“excess pore pressure ratio of 100%,” because the term “liquefaction”
has also been used in the literature to describe other specific field and
laboratory conditions, as discussed subsequently in this monograph.
It is also worth noting that ,, values above 100% can develop if the
mean total stress increases, such as can occur under the more general
loading conditions produced in the field, in centrifuge models, or in
numerical models. In such cases, it is more useful to focus directly on
the values of effective stress rather than on excess pore pressure ratios.

Several features of the behavior in Figure 16 are worth not-
ing. The r, increased progressively throughout cyclic loading until
r, = 1.0 was reached after about 27 cycles of loading. The axial
strains (e,) remained relatively small (a fraction of 1%) until p’ ap-
proached zero and r, approached 100%, after which the axial strains
increased to about 2% in less than 2 additional cycles of loading.

23

For more monographs, publications, or videos, visit http://www.eeri.org



Axial strains would have increased very rapidly with continued cyclic
loading, although this particular test was stopped after reaching 3%
strain. The corresponding stress-strain response shows rapid softening
as p’ approached zero, with the hysteretic loops taking on an inverted
s-shape. The stress path—that is, ¢ /(2 p..) versus p’/ p/—moved pro-
gressively toward the origin during cyclic loading until it stabilized
with repeating loops emanating from the origin.

The interconnections among the various plots in Figure 16 can be
illustrated by considering the positions of the points A and B. Point A
corresponds to the time when r, = 100% (i.e., p’ = 0), which oc-
curs only when ¢ = 0 (i.e., the specimen is under an isotropic state of
stress). Point A occurs as the specimen is unloaded to ¢ = 0, at which
time the strains are only slightly smaller than the peak during that par-
ticular loading cycle. The specimen stiffness is very small at point A,
and the subsequent application of shear stress in the positive direction
results in the rapid growth of strains in that direction. As the shear
stress increases toward Point B, the specimen progressively stiffens,
with r, decreasing and p’ increasing. Point B, therefore, corresponds
to a local minimum in 7, (0.77) and to the largest axial strain in that
direction of loading. The specimen is stable under this applied peak
shear stress, which reflects the fact that it is dense of critical. This
accumulation of limited strains, after », = 100% has temporarily oc-
curred, has been called “cyclic mobility” behavior (Casagrande 1976,
Castro 1975) or “cyclic ratcheting” behavior (Castro 2008, personal
communication).

The inverted s-shaped stress-strain behavior that develops as 7,
nears 100% (i.e., p’ nears zero) arises because the specimen alternates
between having incrementally dilative tendencies during shear load-
ing and incrementally contractive tendencies during unloading. This
is directly comparable to the drained cyclic loading response shown
in Figure 14, in which the specimen alternated between incremental
dilation and incremental contraction during loading and unloading, re-
spectively. For undrained conditions, however, the tendency of sand to
dilate increases p’ and hence increases tangent stiffness, while the ten-
dency to contract decreases p’ and hence decreases tangent stiffness.

Figure 16 also illustrates that , = 100% is a temporary con-
dition that occurs only under isotropic states of stress (i.e., zero
shear stress) and that 7, = 100% can be generated in sands that
are dense of critical (i.e., they would have a dilative tendency under
monotonic drained loading). Liquefaction of a dense-of-critical sand
during cyclic loading results in limited strains (or cyclic ratcheting),
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Figure 17. Undrained behavior of Toyoura sand in
monotonic loading versus cyclic-to-monotonic
loading in triaxial tests of loose-of-critical sand (after
Ishihara et al. 1991).

because the sand exhibits dilative behavior under subsequent mono-
tonic loading.

Undrained Cyclic Loading of Loose-of-Critical and
Dense-of-Critical Sands

The undrained cyclic loading response of dense-of-critical sand
versus loose-of-critical sand is illustrated by the test results in Fig-
ures 17 and 18. These two figures show the response of sand to
undrained monotonic loading and to undrained cyclic loading fol-
lowed by undrained monotonic loading. The initial states of these
specimens (e and p’) can be plotted against the critical-state (steady-
state) line for this sand (Figure 12), showing that one state is initially
above the critical-state line while the other state is initially below that
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Figure 18. Undrained behavior of Toyoura sand in
monotonic loading versus cyclic-to-monotonic
loading in triaxial tests of dense-of-critical sand (after
Ishihara et al. 1991).

line. The specimens in both tests were anisotropically consolidated
in such a way that the specimens were carrying an initial static shear
stress before undrained loading (point B in Figure 17 and point B’ in
Figure 18). The specimens were then subjected to undrained cyclic
loading that produced high excess pore pressures and axial strains
slightly smaller than 2% (points C and C’). Note that the cyclic stress
amplitude was smaller than the initial static shear stress, so the devia-
tor stress (¢) was never equal to zero; thus neither specimen reached
a state of r, = 100% (or p’ = 0).

The loose-of-critical specimen in Figure 17 collapsed toward the
critical state after cyclic loading, with its shear resistance becoming
smaller than the initial static deviator stress. The postcyclic shear
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resistance from point C to point D is essentially the same as that for a
monotonic undrained test for sand of the same density, indicating that
the cyclic loading did not affect the specimen’s critical-state strength.
The cyclic loading was, however, sufficient to “trigger” the collapse of
the specimen and the development of large uncontrolled deformations
(i.e., “flow liquefaction”). The collapse occurred while the effective
stresses remained greater than zero (i.e., r, < 100%) and the soil
maintained a nonzero shear resistance.

The dense-of-critical specimen in Figure 18 developed limited
strains from the cyclic loading but always maintained enough shear
resistance to remain stable. The excess pore pressures generated by the
cyclic loading in fact moved the specimen’s state further away from the
CSL in e-log(p’) space (i.e., reducing p’ while e remained constant).
The specimen subsequently strain-hardened during the postcyclic
undrained monotonic loading, during which its dilative tendencies
increased p’ as it moved back toward the critical state. The postcyclic
monotonic loading resistance is again similar to that for an undrained
monotonic test on sand of the same density.

Dependence of Cyclic Strength on the Number of Loading Cycles,
Relative Density, and Confining Stress

The resistance of sand to the triggering of liquefaction (i.e., its
cyclic strength) depends on several factors, including the number of
loading cycles, relative density, confining stress, depositional method,
fabric, prior stress-strain history, age, cementation, and other environ-
mental factors. This section discusses in some detail the effects of the
number of loading cycles, relative density, and confining stress. The
other factors are discussed separately in subsequent sections.

Liquefaction of saturated sands can be triggered by different
combinations of uniform cyclic shear stress ratio (CSR), which is the
uniform cyclic shear stress divided by the initial effective confining
stress, and the number of loading cycles (N). A greater CSR will
trigger liquefaction (e.g., 7, = 100% oracyclic shear strain, y = 3%)
in fewer loading cycles, whereas a smaller CSR will require more
loading cycles. This aspect of behavior is illustrated by the results of
the shaking table tests by De Alba etal. (1976), as shown in Figure 19.
Note that the CSR for shaking table tests or simple shear tests is
defined as the cyclic shear stress (7.,.) acting on horizontal planes
divided by the vertical effective consolidation stress (¢,,.),

CSR = Zy“’ )
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Figure 19. The CSR required to reach initial liquefaction (r, = 100%),
from shaking table tests by De Alba et al. (1976).

whereas the CSR for isotropically consolidated cyclic triaxial tests is
defined as the maximum cyclic shear stress (gcy./2) divided by the
isotropic consolidation stress (¢3,),

Ycye
CSR = 10
203, (19)

The CSR that is required to reach liquefaction in a specified num-
ber of loading cycles may also be called the sand’s cyclic resistance
ratio (CRR), for notational convenience. The relationship between
the CRR and N, within the range of cycles of interest for earthquake
engineering, can generally be approximated with a power function as

CRR=a-N? (11)

where the parameters a and b are determined by regression against
the experimental data. Note that the CRR versus N relationship plots
as a straight line on a log-log plot, whereas it plots as a curve on the
semilog plot format of Figure 19. The parameter b for clean sands
is typically about 0.34, whereas the parameter a depends on a wide
range of factors. The dependence of the CRR on N means that any
reference to a sand’s CRR must specify V.
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Figure 20. Cyclic triaxial test results for clean Fraser Delta sand, showing
that cyclic stress and the CRR cause 3% shear strain in 10 uniform cycles at
Dy, values of 31-72% and effective consolidation stresses of 50-400 kPa
(original data from Vaid and Sivathayalan 1996).

The CRR of sand increases with increasing relative density, as
illustrated by the shaking table test results in Figure 19.

The CRR of sand also depends on the effective confining stress,
which reflects the fact that the tendency of sand to dilate or contract
depends on confining stress. This aspect of behavior is illustrated by
the ICU cyclic triaxial test results on Fraser Delta sand by Vaid and
Sivathayalan (1996), shown in Figure 20. The plot at left shows the
cyclic stress (gcyc/2) required to reach 3% shear strain in 10 cycles
versus the effective consolidation stress for specimens at Dy values
of 31, 40, 59, and 72%. This plot shows that cyclic strength increased
with increasing consolidation stress for all values of Dpg, but the
shape of these relationships ranged from being nearly linear at the
lowest Dy to being most strongly concave at the highest Dz. The plot
at right shows the ratio of g.,./2 divided by o3, that is required to
cause 3% axial strain in 10 cycles (i.e., the CRR at 10 cycles) versus
Dy, for different consolidation stresses. This plot shows that the CRR
increased with increasing Dy but that it also decreased as the effective
consolidation stress was increased from 50 kPa to 400 kPa for Dy
values greater than 30%.

Seed (1983) introduced the overburden correction factor (K, )
as a way to represent the dependence of the CRR on consolidation
stress, with K, defined as

_ CRRy
~ CRRy/—

where CRR,; is the CRR of a soil under a specific value of effective
consolidation stress o/, and CRR,/—; is the CRR of the same soil

K, (12)
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Figure 21. The amount of cyclic stress required to cause 3% strain in
10 uniform cycles versus effective consolidation stress in ICU cyclic
triaxial tests on Fraser Delta sand.

when o/ = 1 atm (~100 kPa). The definition of the K, factor is illus-
trated in Figure 21, which shows the cyclic stress required to reach 3%
strain in 10 cycles versus the effective consolidation stress for Fraser
Delta sand at Dg = 72%. The relationship between cyclic stress and
consolidation stress is curved, thus its secant slope (which is the CRR)
decreases with increasing consolidation stress. For example, the data
in Figure 21 show that the CRR at an effective consolidation stress
of 400 kPa is 18% smaller than at 100 kPa. This slight curvature is
analogous to the slight curvature in the failure envelopes for drained
shearing tests and the associated observation that peak (secant) effec-
tive friction angles decrease with increasing confining stress.

The K, factor varies with Dy and with the test device (i.e.,
simple shear versus triaxial) and appears to be different for freshly
reconstituted laboratory specimens as compared with tube samples
of natural soils, as shown in Figure 22.

The dependence of the CRR on both D and confining stress can
be related to the sand’s “state” (position) with respect to its CSL. Been
and Jefferies (1985) introduced the state parameter (§) as a measure of
state, where & is the difference between the current void ratio (e) and
the critical-state void ratio (e.) for the current value of p’. Konrad
(1988) later showed that the value of £ can be normalized by the
difference in the maximum and minimum void ratios (e,,ax — €min) 10
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Figure 22. Comparison of K, relationships with data
from reconstituted Fraser Delta sand specimens and
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arrive at a relative state parameter that provides improved correlations
with the shear behavior of sand. Determining the state or relative state
parameters requires detailed experimental testing to define a sand’s
CSL, its minimum and maximum void ratios, and its in-situ void
ratio. The natural heterogeneity of sand deposits, however, makes it
impractical to perform sufficient experimental tests to define CSLs
for all the different zones within a natural deposit.

Boulanger (2003a) introduced an index for representing the rela-
tive state parameter. This index, &g, is defined in Figure 23 and repre-
sents the difference between the current Dy and an empirical critical
state Dy (denoted Dg ) for the same mean effective normal stress
(p’). The empirical CSL and the expression for Dg . in Figure 23
were derived by using Bolton’s (1986) relative dilatancy index (/zp).
The parameter Q in Figure 23 determines the stress at which the CSL
curves sharply downward—which indicates the onset of significant
particle crushing—and the parameter’s value depends on grain type,
with O = 10 for quartz and feldspar, 8 for limestone, 7 for anthracite,
and 5.5 for chalk (Bolton 1986). The resulting £z parameter pro-
vides a rational means for including the interaction between relative
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Figure 23. Definition of the relative state parameter
index, &g (after Boulanger 2003a, with permission
from ASCE).

density and confining stress in the analytical framework that is used
to evaluate liquefaction potential.

The CRR of sand for a given test type can be expressed as an
approximately unique function of &, as illustrated in Figure 24 with
data from Vaid and Sivathayalan (1996) for Fraser Delta sand. These
results are for specimens prepared at Dy values of 31-72% under
effective consolidation stresses of 50—400 kPa, with the CRR corre-
sponding to the development of 3% shear strain in 10 uniform loading
cycles. These data suggest that £z can reasonably represent the com-
bined effects of Dy and o,, on the CRR.

In Figure 25, the ICU cyclic triaxial test results for Fraser Delta
sand illustrate the interrelations among K, £z, CRR, Dp, and con-
solidation stress. The CRR versus Dy relationship (for a given con-
solidation stress) curves upward with increasing Dz, which directly
relates to the CRR versus &y relationship curving upward with de-
creasing €. Increasing the consolidation stress from 100 kPa to some
higher value results in the same decrease in &z for all values of Dyp.
This A& changes the CRR by amounts that depend on the initial Dg,
because of the curvature of the CRR versus & relationship (which
applies to all values of Dy and consolidation stresses). Thus, the
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reduction in the CRR, as expressed through the K, factor, depends
on the initial Dg. The K, relationships derived from the CRR versus
&g relationship (Figures 24 and 25) match the relationships derived di-
rectly from the experimental results (Figures 20 and 22), as expected.

Relating Cyclic Strength from Triaxial and Simple Shear Tests to
Field Conditions

The differences in the CRR measured in cyclic simple shear
and cyclic triaxial tests are largely related to their different states of
consolidation stress. A normally consolidated sand specimen that is
one-dimensionally consolidated in a simple shear device will have
K, values of 0.45-0.5, whereas K, would equal 1 if tested in an ICU
cyclic triaxial test. Ishihara et al. (1977, 1985) performed cyclic tor-
sional shear tests with different K, values and showed that the CRR
for anisotropically consolidated specimens (K, # 1) can be approx-
imately related to the CRR for isotropically consolidated specimens
(K, =1)as

1 +2K,
CRRg, 1 = (5 ) CRRk, = (13)
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Figure 25. The relationships among CRR, relative density, effective
confining stress, relative state parameter index, and K, illustrated by using
the CRR versus &g relationship from cyclic triaxial tests on Fraser Delta
sand.

Consequently, increasing K, from 0.4 to 0.8 causes an increase of
about 44% in the CRR.

Similarly, the CRR from the simple shear test can be related to
the CRR from the ICU triaxial test as
14+2(Ko)ss

3

For normally consolidated sand, K, would be about 0.45-0.50,
which results in

CRRgg = ( ) CRRyy (14)

CRRgs = (0.63 to 0.67) CRR 7y (15)
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This relationship between the CRR for simple shear and triaxial tests
is consistent with the range of results obtained or recommended by
a number of researchers (Seed and Peacock 1971, Finn et al. 1971,
Ishibashi and Sherif 1974, Castro 1975, Seed 1979).

One- and two-directional cyclic simple shear tests and shaking
table tests have further shown that adding a second direction of cyclic
loading reduces the CRR by about 10—15%, as summarized by Pyke
et al. (1974), Seed (1979), and Ishihara (1996). This adjustment is
needed whenever unidirectional cyclic laboratory tests are being used
to estimate the CRR of in-situ sand. For level ground conditions,
earthquake loading is best approximated as two-directional simple
shear loading, so the CRR from a unidirectional simple shear test
would be reduced by 10% to represent in-situ conditions. Note that
vertical shaking of saturated soils beneath a level ground surface has
a negligible effect on the soil’s CRR. Consequently, the in-situ CRR
for two-dimensional shaking would be estimated from ICU cyclic
triaxial tests as

1+ 2 (Ko)fieta
3

and from cyclic direct simple shear tests as

1+ 2 (Ko) fiera
1+2 (KO)SS
For example, if the sand is normally consolidated in situ with an
estimated K, of 0.5, and the CRR is determined by ICU cyclic triaxial

tests, then the CRR would be multiplied by 0.60 (i.e., the product of
0.9 and 0.67) to represent in-situ conditions and bidirectional shaking.

CRRjeiq = 0.9 ( ) CRR7y (16)

CRRjierg = 0.9 ( ) CRRgs (17)

Other Factors Affecting the Cyclic Strength of Sand

Laboratory element tests have also shown that the CRR of satu-
rated sands depends on depositional method, fabric, prior stress-strain
history, age, cementation, and other environmental factors.

Ladd (1974, 1977) and Mulilis et al. (1977) showed how speci-
mens of the same sand prepared to the same Dy by different reconsti-
tution techniques can result in a CRR that varies by almost a factor of
2 from highest to lowest (Figure 26). The effect of the sample prepa-
ration method is attributed primarily to differences in the fabric of the
resulting sand particle matrix.

Overconsolidation has also been shown to increase the CRR
beyond the amount that is due to associated increases in K,, but the
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Figure 26. Results of cyclic triaxial tests, showing the influence of
the sample preparation method on the CRR of Monterey No. 0 sand at
Dy = 50% (after Mulilis et al. 1977, with permission from ASCE).

increase in the CRR has ranged from being relatively minor to as much
as being proportional to the square root of the overconsolidation ratio
(Lee and Focht 1975, Ishihara and Takatsu 1979, Finn 1981).

The effects of strain history have been shown to be very signifi-
cant and to range from a beneficial effect at small prestrain levels to
a detrimental effect at large prestrain levels (Suzuki and Toki 1984,
Seed et al. 1977, Finn et al. 1970). For example, cyclic triaxial test
results by Singh et al. (1982) and Goto and Nishio (1988), as pre-
sented later in Section 2.3, showed increases in the CRR of 30-100%
from prior cyclic straining at strain levels that did not significantly
change the density of the specimens. Cyclic straining at larger strain
levels will produce associated volumetric strains, which may range
from a net contraction to a net loosening. The effect of larger prestrain
levels on sand behavior during subsequent undrained cyclic loading
depends on the volumetric strains induced by the prestraining and
their uniformity within the laboratory testing device.

Effect of Static Shear Stresses on Cyclic Behavior

The effect of an initial static shear stress on the undrained cyclic
loading behavior of saturated sand is illustrated by the cyclic simple
shear test results for Sacramento River sand shown in Figure 27. This
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Figure 27. Response of Sacramento River sand to undrained cyclic simple
shear loading with an initial static shear stress ratio of 0.32 (test from
Boulanger et al. 1991).

simple shear test specimen was consolidated with a static horizontal
shear stress (7y) equal to 0.32 times the vertical effective consolidation
stress, which is called an initial static shear stress ratio (¢ = t,/0,,) of
0.32. The applied CSR was about 0.28, which means that the horizon-
tal shear stress was always positive (about 0.04—0.60). The induced
r, increased quickly in the first few loading cycles and then increased
slowly with each subsequent cycle of loading but was always less
than 100%. The shear strain quickly reached 2—3% in the direction of
the static shear stress, after which the specimen slowly accumulated
additional shear strains with each additional loading cycle. The stress
path (7, versus o) moved over toward the failure line, after which it
stabilized on an essentially repeating pattern. When the behavior for
this specimen is compared with that in Figure 16 for a specimen with
zero initial static shear stress (¢ = 0), it is clear that the presence
of the static shear stress had strong effects on the pore pressure and
shear strain generation behavior.

The effect of a static shear stress ratio on the cyclic strength of
clean sand at different D values is illustrated by the simple shear test
results for Ottawa sand in Figure 28a. Data are shown for the 7.y./0,,
causing 3% shear strain in 10 cycles of loading for specimens at
Dy values of 50% and 68% under o, of 200 kPa (Vaid and Finn
1979). The Dp = 68% specimens exhibit a progressive increase
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in the cyclic strength with increasing initial static shear stress ratio,
whereas the Dp = 50% specimens exhibit a lower cyclic strength
with increasing initial static shear stress ratio. This effect of Dy is
attributed to the differences in the dilative tendencies of the sand, with
the sand becoming more strongly dilatant in shear as Dy, is increased
(at the same effective confining stress).

The effect of a static shear stress ratio on the cyclic strength
of sand at different effective confining stresses is illustrated by the
cyclic triaxial tests on tailings sand in Figure 28b. Data are shown for
specimens at a Dy of 70% consolidated at minor principal effective
stresses (03,) 0f200 and 1,600 kPa (Vaid and Chern 1985). For triaxial
tests, the static shear stress ratio is computed from the shear and
normal stresses on the potential failure planes (i.e., planes inclined at
45 + ¢’ /2 degrees from the horizontal, as used by Seed et al. 1975a).
The specimens at 03, = 200 kPa exhibit a progressive increase in
the cyclic strength with an increasing initial static shear stress ratio,
whereas the specimens at o3, = 1,600 kPa exhibit a lower cyclic
strength at high initial static shear stress ratios. This effect of o3, is
similarly attributed to its influence on the dilative tendencies of the
sand, with the sand being more strongly dilatant in shear at the lower
effective confining stress (at the same Dpg).

The generation of excess pore pressure and shear strains during
undrained cyclic loading of saturated sand is significantly affected
by the rotation of principal stress directions, which reverses the shear
stress direction on certain planes. In cyclic triaxial tests with an initial
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static deviator (shear) stress, there is no rotation of principal stresses
until the cyclic deviator stress exceeds the static deviator stress, after
which there is a 90° rotation of the principal stress directions (and
hence shear stress reversal on all possible planes). In cyclic simple
shear or torsional shear tests, there is a continuous rotation of the
principal stress directions during cyclic loading, regardless of the ini-
tial static shear stress. The effect of this difference is evident in the
shapes of the cyclic strength versus « relationships obtained in dif-
ferent testing devices. For example, this is why the cyclic triaxial test
results for o5, = 1,600 kPa in Figure 28b exhibit an initial increase
in the cyclic strength up to about @ = 0.1, followed by a subsequent
decrease in the cyclic strength at higher values of «.

Seed (1983) developed the K, correction factor to represent the
effects of an initial static shear stress ratio («) on the cyclic strength.
K, is defined as the cyclic strength for some value of «, divided by
the cyclic strength for o = 0:

_ CRR,
~ CRRy—

Numerous researchers have studied this phenomenon by using cyclic
triaxial, cyclic simple shear, torsional shear, and torsional ring shear
devices. These studies have shown that K, depends on relative density
and confining stress, as illustrated in Figure 28, which simply reflect
the state of the sand in relation to its critical state (e.g., Vaid and
Chern 1985, Mohamad and Dobry 1986). In addition, K, depends
on the failure criteria that are used to define the CRR and depends
somewhat on the laboratory test device, with simple shear preferred
over triaxial loading because it more closely approximates the in-
situ rotation of principal stress directions expected during earthquake
shaking. A review of these studies is in Harder and Boulanger (1997).

The general trends in K, data are illustrated in Figure 29, which
shows simple shear test results for Sacramento River sand, along with
the simple shear test results for Ottawa sand (Figure 28a). The data for
Ottawa sand are at Dy values of 50% and 68% under o, of 200 kPa
(Vaid and Finn 1979), and the data for Sacramento River sand are
at Dy values of 35% and 55% under o, of 200 kPa (Boulanger
et al. 1991). These results correspond to 10 cycles of loading and a
failure criterion of 3% shear strain. The & value for each set of test
data is shown beside the corresponding K, curve in Figure 29. There
is a consistent progression in K, values from less than 1.0 for the
loosest sand (§g = —0.16) to greater than 1.0 for the densest sand

K, (18)
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Figure 29. Effect of the relative state parameter index
&g on the static shear stress ratio correction factor K,
(Boulanger 2003a).

(5r = —0.49), with the &g values simply tracking the progression
from Dp = 35%68%, since all tests were at the same confining
stress.

The dependence of K, on the effective confining stress is also
depicted in Figure 29 by the results of the cyclic triaxial tests on tail-
ings sand by Vaid and Chern (1985) (Figure 28b). For determining
K, from these triaxial tests, the cyclic resistances were normalized
by the mean effective consolidation stresses (Boulanger 2003a). The
&g values and K, relationships for these specimens are consistent
with the trends obtained on the clean sands at the lower confining
stress only. In particular, the &z value for the Dy =70% tailings
sand at o3, = 1,600 kPa is greater than the &z value for Dz =35%
Sacramento River sand at o, =200 kPa, and this correctly indicates
that the tailings sand would be more contractive and hence have a
smaller K, value at high values of «. In this manner, the &5 index ap-
pears to provide a reasonable means of accounting for the combined
influence of relative density and confining stress on K, relationships
for sands.
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Figure 30. Excess pore water pressure generation versus the number
of loading cycles divided by the number of loading cycles to
liquefaction (after Seed et al.1976, with permission from ASCE).

Excess Pore Pressures at Different Factors of Safety against
Liguefaction

The generation of excess pore pressure during uniform cyclic
undrained loading of saturated sands depends on the presence or
absence of any initial static shear stress. Laboratory tests with « = 0
are considered most representative of the conditions that exist beneath
level ground surfaces where the shear stresses on horizontal planes
are zero. In this case, the generation of 7, can be related to the ratio
N/ Niig, as shown in Figure 30, where N, is the number of equivalent
uniform loading cycles, and Ny, is the number of equivalent uniform
loading cycles required to trigger liquefaction.

For level ground conditions, the residual 7, that remains after
cyclic loading of sands and gravels can also be related to the factor
of safety against liquefaction, F'Sj;,, as shown in Figure 31. The FSj;,
is determined as

CRR
ey (19)
CSR

and is related to the ratio N,/ Nj;, through the power relation presented
previously. Figure 31 shows residual 7, values dropping to 0.1-0.65
with an FSj;, of 1.2.

The presence of sustained static shear stresses (o > 0), such as
exist beneath sloping ground, affects both the rate of pore pressure
generation and the magnitude of the residual pore pressure (i.e., the

FSliq =
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Figure 31. Excess pore water pressure ratio versus £5;;, under
level ground conditions, from laboratory test data (after Marcuson
et al. 1990).

residual is what remains after cyclic loading has ceased). The limiting
value of the residual ,, will be less than 100%, as shown by Ishihara
and Nagase (1980) and Boulanger (1990), and is illustrated by the
experimental results in Figure 27. The value of 7, j;,, decreases with
increasing o, as shown in Figure 32 for cyclic simple shear tests on
Fuji River sand (Ishihara and Nagase 1980). The rate of pore pressure
generation in the presence of a sustained static shear stress ratio is
also significantly different from that for level ground conditions (Finn
1981, Boulanger et al. 1991), as illustrated in Figure 33, and thus
the final relationship between FSj;, and residual r, is significantly
different from that derived for level ground conditions.

Strain-Based Evaluations of Undrained Cyclic Loading Behavior
The undrained cyclic loading behavior of saturated sands can also
be evaluated via strain-based approaches. Experimental data show that
the generation of excess pore pressures is more uniquely related to im-
posed shear strains than to imposed shear stresses. In practical applica-
tions, the use of a strain-based approach would then require estimating
shear strains induced by ground shaking, which requires estimating
both induced shear stresses and the soils’ shear moduli. Consequently,
a stress-based approach has remained preferable in practice, and thus
only a brief discussion of strain-based findings is presented here.
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Figure 33. Pore pressure as a fraction of the limiting residual
value (7, /¥y,1im) versus the cycle ratio (N, /Nj;,) for different
sustained static shear stress ratios («) (data from Boulanger
etal. 1991).

The stress-strain response of saturated sand to strain-controlled
cyclic undrained loading in illustrated in Figure 34, which shows the
results of an ICU triaxial test on loose Sacramento River sand (Seed
and Lee 1966) and an ICU hollow-cylinder torsional shear test on
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Figure 34. Stress-strain response of sand in strain-controlled cyclic
undrained loading in a triaxial test (Seed and Lee 1966) and a torsional
shear test (Figueroa et al. 1994) (both with permission from ASCE).

medium-dense Reid Bedford sand (Figueroa etal. 1994). The imposed
cyclic loading with an axial strain amplitude of 0.17% in the triaxial
test caused the specimen to progressively soften (i.e., the mobilized
shear stress decreased with each cycle of loading) as r,, progressively
increased to 100% in about 16 cycles. The torsional shear test showed
very similar stress-strain behavior, with r, reaching 100% after about
8—10 cycles of loading at a shear strain amplitude of 0.46%. After
r, had reached 100% in each test, the specimens had nearly zero
tangent stiffness in subsequent loading cycles. The negligible stiffness
of the specimen after ,, reaches 100% is comparable to the very low
stiffness that temporarily develops during stress-controlled loading
after », has temporarily reached 100%. The difference is that the
stress-controlled tests cause the strains to increase with each cycle of
loading (exceeding the maximum value from the prior loading cycle),
and this additional strain is what enables the specimen to transition
to an incrementally dilative tendency.

Dobry (NRC 1985) showed that the generation of ,, for a given
number of cycles at different cyclic shear strain amplitudes falls
within a relatively narrow band for a broad range of sand types, rela-
tive densities, and consolidation stresses, as shown in Figure 35. The
data in this figure show that 10 cycles at a shear strain amplitude of
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Figure 35. Excess pore water pressure generation versus shear
strain amplitude in strain-controlled cyclic undrained triaxial tests
on sand (NRC 1985).

0.3—1.0% would generally trigger r, = 100%. The volumetric cyclic
threshold shear strain (y4,) is the shear strain amplitude below which
there is no potential for volumetric strains or pore water pressure gen-
eration. The value of y;, for sand is typically about 0.01-0.02% (e.g.,
Ladd et al. 1989, Hsu and Vucetic 2004), as shown in Figure 35.

Energy-Based Evaluations of Undrained Cyclic Loading Behavior
The dissipated energy (or work) per unit volume of soil has
also been shown to be useful in describing liquefaction behavior
(e.g., Davis and Berrill 1978, Law et al. 1990, Cao and Law 1991,
Figueroaetal. 1994). Experimental studies by these investigators have
shown that the generation of excess pore water pressures in saturated
sand or silt is strongly correlated with the dissipated energy during
undrained cyclic loading. The subsequent application of energy-based
approaches to the assessment of liquefaction in the field requires that
the seismic loading be represented in terms of energy. One approach
has been the use of Arias intensity (the integral of acceleration squared
over time) to describe the energy in ground motions at different depths
in a soil profile, as in studies by Egan and Rosidi (1991) and Kayen
and Mitchell (1997). These initial studies suggested that energy-based
approaches had promise, but this approach has not advanced further,
because of (1) potentially large variations in Arias intensity versus
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depth in a soil profile and (2) questions about relating Arias intensity
at a specific depth to that at the ground surface.

2.3 Laboratory Testing of Field Samples and the Effects of
Sampling Disturbance

The most direct approach to estimating the cyclic strength of sat-
urated sands is to obtain high-quality field samples and then test the
specimens in cyclic laboratory tests. This approach requires knowl-
edge of the effects of sampling disturbance (i.e., how the process
of sampling the soil affects its subsequent loading behavior) and an
understanding of the tests’ limitations in approximating the cyclic
loading that is induced in situ during an earthquake.

Cyclic triaxial devices and cyclic simple shear devices are the
two laboratory test devices that are well suited for cyclic strength
testing of undisturbed field samples. The loading conditions in a sim-
ple shear device approximate the one-dimensional consolidation con-
ditions beneath level ground before an earthquake and the cyclic shear
deformations that develop during vertical propagation of horizontal
shear waves. The triaxial device commonly uses isotropic consoli-
dation stresses, so the resulting CRR must be corrected for the dif-
ferences in mean effective consolidation stresses (i.e., the correction
for K, conditions, as presented in Section 2.2, must be used). Triax-
ial devices and most simple shear devices are unidirectional in their
loading, and thus the CRR must also be reduced by about 10% for
the effects of two-directional shaking in the field.

Laboratory test results are also affected by nonuniformities of
stress and strain that arise from imperfect boundary conditions, mem-
brane compliance, and other experimental limitations. For example,
Gilbert (1984) studied the effect of cyclic loading on specimen uni-
formity by subjecting Dr = 40% sand specimens to undrained
cyclic loading and then dissecting the specimens in layers to mea-
sure the variation in Dy over the height of the specimen. The results
in Figure 36 include one specimen that was cyclically loaded to an
axial strain of about 11% and later found to have experienced dra-
matic loosening at its top. The effects of these experimental limita-
tions may become more significant as the sand specimen becomes
stronger, because the weakening effect of a stress concentration or
interface slip can then become the controlling factor on the over-
all measurement of cyclic resistance. For this reason, some concerns
remain about whether laboratory devices fully represent the cyclic
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Figure 36. Dy values of various horizontal layers from cyclically
loaded triaxial specimens of sand at an initial average Dy of 40%
(after NRC 1985).

stress-strain behavior of dense sands under in-situ loading conditions.
Nonetheless, careful laboratory testing can provide a valuable mea-
sure of a soil’s cyclic stress-strain behavior, if the samples are truly
undisturbed.

Sampling disturbance has, however, been established as an even
greater concern when field samples are tested. This issue has been
well illustrated by the comparison of laboratory measurements of the
CRR for clean-sand samples that were obtained via high-quality tube
sampling techniques versus the preferred “frozen sampling” tech-
nique. In frozen sampling, the sand is frozen in situ, and then samples
are obtained by coring the frozen ground. The frozen samples are
transported to the laboratory, mounted in a testing device, thawed,
and tested. The freezing and thawing processes must be largely uni-
directional, so that the expansion of the pore water upon freezing
and its contraction upon thawing are accommodated by pore water
flow rather than by volumetric straining of the soil skeleton. Frozen
sampling, if done correctly, imposes very small net volumetric strain
on the sand from the in-situ condition to the tested condition. In con-
trast, tube sampling invariably produces significant volumetric strains
as well as partial or total destruction of the sand’s fabric.
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Figure 37. Comparison of CRRs from cyclic triaxial testing of samples
obtained via tube sampling and frozen sampling techniques (after Yoshimi
et al. 1994).

Figure 37 compares CRR values from cyclic triaxial tests on
field samples of clean sands obtained via frozen sampling, hydraulic
piston tube sampling, and double-tube core barrel sampling; the test
data are from Yoshimi et al. (1994). Figure 37a plots the CRR values
against the corrected SPT blow count of (N} )eo that was measured in
the same sand deposit, and Figure 44b plots the CRR values against
the Dy of the sand specimens as tested in the laboratory. The frozen
sampling results show the expected trend of the CRR increasing with
increasing values of Dy or (N})gp, Whereas the conventional tube
sampling results show a relatively low CRR even for the densest
sand specimens. One major factor is that tube sampling caused the
looser sands to densify and the denser sands to loosen over the course
of sampling, transporting, handling, mounting, and reconsolidation.
Another major factor is that tube sampling disturbs the sand fabric,
which is believed to reduce the fabric’s stability against cyclic loading
and to particularly reduce any increases in fabric stability that may
have been acquired in situ because of the processes of aging, prior
stress and strain loading, overconsolidation, and cementation.

The experimental results of Singh et al. (1982) and Goto and
Nishio (1988), as presented in Figures 38 and 39, illustrate both
the effects of prior strain history and the efficacy of frozen sam-
pling techniques. The cyclic triaxial tests by Singh et al. (1982) in
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Figure 38. Effects of a freeze-thaw cycle on the cyclic resistance of
saturated clean sand in undrained cyclic triaxial tests: (a) data from Singh
et al. (1982) for sand at Dz = 48%, and (b) data from Goto and Nishio
(1988) for sand at Dg = 90% (after Yoshimi et al. 1994).

Figure 38a included tests on identical reconstituted sand specimens
at Dr = 48%, with one set having been subjected to a cyclic shear
strain of relatively small amplitude. The cyclic strain history did not
measurably change the specimens’ Dk but nonetheless increased the
specimens’ CRR by 30—40%. The cyclic triaxial tests by Goto and
Nishio (1988) on sand at D = 90% provides a similar comparison
(Figure 38b), but with the “strain history” specimens having a far
more extensive strain history (10,000 cycles with an axial strain am-
plitude of 0.05%). Again, the specimens’ Dy was not significantly
altered, but the CRR nonetheless increased by about 80—100%. The
CRR’s increase with prior strain history is attributed to the sand fab-
ric’s becoming more stable as a result of the cyclic straining, even
without becoming measurably denser, and this increase is considered
illustrative of how a natural sand deposit’s CRR can be affected by
the stress and strain it experiences over its geologic life.

The CRRs of the sand specimens with prior strain history were
unaffected by the process of freezing and thawing, as shown in Fig-
ure 38, which indicates that the sand’s fabric was not seriously
disrupted by the freezing and thawing process. Disturbance during
the frozen sampling process was further evaluated in the laboratory
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Figure 39. Cyclic resistance of samples obtained by
freezing and coring sand at an initial Dz of 60% and
effective confining stress of 55 kPa (after Yoshimi

et al. 1994, data from Singh et al. 1982).

by Singh et al. (1982) by testing samples cored from two types of
frozen reconstituted sands: those with a prior strain history and those
with no such history. For both types, the samples obtained by frozen
sampling techniques produced the same CRR as obtained for spec-
imens that had not gone through the freezing and coring processes
(i.e., reconstituted samples that were prepared directly in the labora-
tory test device), as shown in Figure 39. These results illustrate why
frozen sampling techniques are believed to be capable of obtaining
clean-sand samples that are sufficiently undisturbed to properly reflect
the in-situ properties of a sand deposit.

The CRR of a dense sand sampled by frozen sampling and tube
sampling techniques was also compared with the CRR obtained for
specimens of the same sand reconstituted to the same Dy in the lab-
oratory, as shown in Figure 40 (after Yoshimi et al. 1984). Reconsti-
tuted specimens were prepared by air pluviation and moist tamping.
The CRR values for the tube samples and the reconstituted specimens
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Figure 40. CSRs required to cause 5% double-amplitude
axial strain of in-situ frozen samples (FS), conventional
“undisturbed” tube samples (TS), samples reconstituted
by air pluviation (PA), and samples reconstituted by
moist tamping (MT) (after Yoshimi et al. 1984).

were all substantially smaller than those for the frozen samples, which
shows that important characteristics of this sand, as they existed in
situ, were destroyed or lost by the disturbance produced during tube
sampling and were not recreated by the reconstitution of specimens in
the laboratory. The greater CRR for the frozen samples is attributed
to the in-situ environmental factors (e.g., age, cementation, and stress
and strain history) that increase the sand’s cyclic strength while not
significantly affecting its density.
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Environmental factors can further affect the in-situ CRR through
their influence on the in-situ lateral stress (i.e., through K,). In most
cases, the environmental factors of prior cyclic straining, overconsol-
idation, and aging would be expected to increase the in-situ K,, with
a corresponding increase in the in-situ CRR.

2.4 Field Processes Not Replicated in Laboratory Tests

The excess pore water pressures generated by an earthquake will
dissipate over time as pore water seeps out of the zones of higher
excess pore water head (Ah = Au/y,) to zones of lower excess
pore water head. The resulting pore water seepage that takes place
both during and after earthquake shaking can greatly complicate the
spatial occurrence of strength loss and deformation in a soil deposit.
Laboratory element tests (e.g., triaxial or simple shear tests) do not
replicate these effects, which have important implications for design
practice, as discussed below.

The redistribution of pore water pressures within a layered soil
profile is illustrated by the profile in Figure 41. A layer of loose sand
3-9 m deep is overlain by dense silty sand and underlain by stiff clay.
The total and effective vertical stresses and the pore water pressures
are shown for the conditions before earthquake shaking and after
earthquake shaking has triggered “liquefaction” in the loose sand
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Figure 41. Stresses and pore pressures in a level-ground soil profile before
earthquake shaking and for the condition in which r, = 100% has been
triggered in the loose sand but no significant seepage has occurred.
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Figure 42. Two consequences of upward pore water seepage for a layered
soil profile during and after earthquake shaking.

layer. This example further assumes that no excess pore pressures are
generated in the overlying dense silty sand, that no significant pore
water seepage has occurred, and that all soils weigh 20 kN/m?. The o/
has dropped to zero throughout the loose sand, while Au is now equal
to o, at all depths. The Au increases with depth because the vertical
stresses increase with depth, and thus there is an upward hydraulic
gradient (i = Ah/AL) that initially is equal to unity throughout the
loose sand layer. This condition of i = 1 upward in the loose sand
layer is analogous to the conditions that can initiate piping erosion (or
quicksand conditions) during steady seepage problems. The conse-
quence of this upward hydraulic gradient is seepage of pore water up
through the soil profile, often concentrated along cracks and localized
channels and producing sand and water boils at the ground surface.
The complications that arise from the upward seepage of pore
water during and after an earthquake are schematically illustrated in
Figure 42, which is the same profile considered in Figure 41 but with
the consequences of upward seepage included. The upward flow of
pore water through the loose sand layer (i.e., from point A toward
point B) can increase the excess pore pressures within the overlying
dense silty sand layer (which has a slightly lower permeability than
the clean loose sand) during or after shaking. This may lead to lique-
faction of the overlying dense silty sand, which otherwise may have
had a sufficiently large CRR to have precluded liquefaction during
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Figure 43. Two mechanisms by which void redistribution contributes to
instability after earthquake-induced liquefaction (NRC 1985, Whitman
1985).

shaking if that sand had been perfectly undrained. A second possible
complication of upward seepage can occur at even lower-permeability
layers, such as the clay seam shown at a depth of 6 m (i.e., at point C).
Upwardly seeping pore water can accumulate immediately below this
interface, resulting in the formation of water films or water pockets
under certain conditions. Note that the formation of a water film does
not increase Au, because the total u is already equal to the total
overburden stress. Water films and water pockets may either slowly
dissipate through the overlying layer or break through at concentrated
cracks or piping channels that can extend up to the ground surface.
The trapping of seeping pore water at interfaces between lower-
and higher-permeability soils can result in local void ratio changes
without necessarily forming water films. Whitman (1985) used the
term “void redistribution” to describe this process, which empha-
sizes the fact that zones can be getting denser locally while other
zones are getting looser during the pore water pressure diffusion pro-
cess. Figure 43 illustrates mechanisms by which void redistribution
and upward seepage can contribute to deformations or instability
of slopes. Figure 43a shows an infinite slope with liquefiable sand
beneath a lower-permeability layer. Upward water seepage that is due
to shaking-induced excess pore water pressures leads to a loosening
(dilation) of sand at the top of the liquefied layer and densification
(contraction) at the bottom. If the top of the layer becomes loose
enough, then its critical-state strength can drop to a value less than
that required for stability of the slope, after which deformations would
develop along a localized shear plane at the top of the sand layer.
Figure 43b is similar, but it also illustrates how the outward seep-
age can weaken overlying layers by increasing their pore pressures
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and/or facilitating the formation of cracks. Intermixing of finer- and
coarser-grained layered soils along a shear zone may also contribute
to progressive strength losses as deformations increase (Byrne and
Beaty 1997, Naesgaard and Byrne 2005). Redistribution of excess
pore water pressures, and any associated void redistribution, may
explain delays between the end of shaking and the time of failure
that have been observed in several case histories (e.g., Elorza and
Machado 1929, Akiba and Semba 1941, Kawakami and Asada 1966,
Seed et al. 1975, Seed 1979, Marcuson et al. 1979, Hamada 1992,
Mejia and Yeung 1995, Harder and Stewart 1996, Berrill et al. 1997).

The major consequence of void redistribution is that the liquefied
soil’s shear strength and stress-strain response do not solely depend on
the pre-earthquake material properties and state (e.g., relative density
and effective confining stress); rather, they can also reflect the re-
sponse of the entire system. The effects of void redistribution are
poorly understood and are not explicitly incorporated in current en-
gineering practice.

The formation of water films has been observed under level-
ground conditions in physical model studies (Liu and Qiao 1984,
Elgamal et al. 1989, Dobry and Liu 1992, Fiegel and Kutter 1994)
and simple cylindrical column tests (Scott and Zuckerman 1972,
Kokusho 1999, Kokusho and Kojima 2002). Figure 44 shows a wa-
ter film that formed beneath a silt seam within a cylindrical col-
umn of saturated sand as a consequence of void redistribution after
impact-induced liquefaction in the sand (Kokusho 1999). These stud-
ies have illustrated the importance of stratigraphy (layer thickness and
sequence), permeability contrasts, and initial D on the thickness of
water films.

For sloping ground conditions, numerous physical model tests
have identified shear strain localizations at the interface between
a liquefied sand layer and an overlying lower-permeability layer (e.g.,
Arulanandan et al. 1993, Fiegel and Kutter 1994, Balakrishnan
and Kutter 1999, Brandenberg et al. 2001, Malvick et al. 2002,
Kulasingam et al. 2004), including cases in which the majority of de-
formations were delayed until after shaking had ceased (e.g., Kokusho
1999, 2000; Kokusho and Kojima 2002; Malvick et al. 2004). For
example, Figure 45 shows the postshaking deformed shape of a cen-
trifuge model consisting of a uniform sand slope with embedded silt
arcs and planes. The majority of the slope deformations were concen-
trated in a localized shear zone in the sand immediately beneath the
silt arc, and this localization formed after the shaking had ceased. A
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Figure 44. A water film that formed beneath a silt
seam in a cylindrical column of saturated sand
after liquefaction (Kokusho 1999, with permission

from ASCE).
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Figure 45. Localization of shear deformations along a lower-permeability
interlayer within a saturated sand slope tested in a centrifuge (Malvick et al.
2008).
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dense array of pore pressure transducers showed that the onset of lo-
calized shear deformation was caused by the upward seepage of pore
water being impeded by the lower-permeability silt arc (Malvick et al.
2008).

Void redistribution and localized shear deformations that are due
to liquefaction-induced pore water seepage are complicated phenom-
enathat are difficult to quantitatively predict, for a variety of reasons—
such as heterogeneity of geologic deposits, formation of cracks and
sand boils, and uncertainty in seismic shaking intensity and duration.
However, the understanding of the basic void redistribution mecha-
nism is increasing because of physical modeling studies and simple
theoretical analyses. The results of physical modeling studies of lig-
uefaction in layered soil profiles demonstrate that the residual shear
strength of liquefied soil depends on all the factors that affect void
redistribution and is therefore not uniquely related to pre-earthquake
soil properties alone, as commonly represented by penetration resis-
tances or by tests on “undisturbed” samples. The implications of these
observations are addressed in Section 5.
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3 TRIGGERING OF LIQUEFACTION

The assessment of potential liquefaction hazards involves two ques-
tions: (1) will liquefaction be triggered by the earthquake ground
motions under consideration and (2) what are the potential conse-
quences of liquefaction having been triggered? This section addresses
the procedures used to evaluate liquefaction triggering, including a
discussion of geologic considerations, the analysis framework, in-
situ testing, liquefaction triggering correlations, and an example of
an analysis.

3.1 Liquefaction Susceptibility of Soil Deposits

A study of local site geology is an essential part of characterizing
the nature and possible extent of soils that are susceptible to liquefac-
tion at a specific site. The extent or degree of liquefaction depends on
the distribution of cohesionless sediments (gravels, sands, and very-
low-plasticity silts) within the deposit and requires a sufficiently high
water table for the sediments to be largely saturated. The most sus-
ceptible sediments are fills and alluvial, fluvial, marine, deltaic, and
wind-blown deposits. In addition, sediments are most susceptible to
liquefaction when they are recently deposited, becoming more resis-
tant as they become older. These factors are represented in the criteria
recommended by Youd and Perkins (1978), as shown in Table 1, for
identifying the likely presence of soils susceptible to liquefaction.
These types of criteria are commonly used with geologic maps to
produce regional maps of liquefaction hazards for planning or zoning
purposes.

Cohesive sediments (e.g., clays and plastic silts) can also de-
velop significant strains and ground deformations during earthquake
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loading—particularly where the sediments are soft and sensitive,
there is a significant driving shear stress (e.g., slope or foundation
load), and the shaking levels are sufficiently strong. However, because
cohesive soils differ in shear strength characteristics from cohesion-
less soils, different engineering procedures are required to evalu-
ate how cohesive soils respond to seismic loading. For this reason,
the term “liquefaction” is used in reference to the behavior of
cohesionless soils (e.g., gravels, sands, and very-low-plasticity silts),
whereas the term “cyclic softening” is used to describe the behav-
ior of clays and plastic silts. Criteria and procedures for evaluating
the potential for cyclic softening in cohesive soils are described in
Section 6.

Surface evidence of liquefaction has most commonly been asso-
ciated with liquefaction occurring at depths of less than about 15 m.
This is related to the fact that the shallower deposits are typically
the youngest and therefore most susceptible to liquefaction. Lique-
faction at greater depths beneath level ground surfaces may not be
manifested at the ground surface and thus may go undetected. Lig-
uefaction at greater depths is, however, a concern in many situations,
including earth embankments constructed of looser material (e.g.,
hydraulic fill) or constructed over younger sediments.

Historical records or geologic evidence of prior liquefaction at a
site provides the most direct evidence that a soil deposit is susceptible
to liquefaction, because soils that liquefy in one earthquake have often
been observed to liquefy in subsequent earthquakes. Consequently,
any evaluation of liquefaction hazards at a particular site would sig-
nificantly benefit from a review of available historical records.

Local sedimentary processes and the historical construction of
fills are often clearly evident in aerial photos. For example, Figure 46
shows an aerial photo of Moss Landing, California taken in 1952
and another taken in 1987. Both photos provide a good view of how
beach, eolian, fluvial, and estuarine depositional processes all come
together to produce a rather complex depositional environment. In
addition, detailed comparison of these two photos shows that areas
of the shoreline have been modified by port development (areas of
filling and dredging) or changed by the natural deposition and erosion
processes. The areas of very recent natural deposits and loosely placed
fills would be considered highly susceptible to liquefaction, and in
fact they closely corresponded to the areas of more severe ground
deformations caused by liquefaction during the 1989 Loma Prieta
earthquake.
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Figure 46. Aerial photos of Moss Landing, California, showing the
geologic setting; the photo at left is from 1952, and the photo at right is
from 1987. When compared, these photos can identify shoreline
movements, artificial fills, and recent construction (photos: USGS).

3.2 Analysis Framework for Developing Liquefaction
Triggering Correlations

Several approaches or frameworks have been proposed over the
last 45 years for assessing the potential for triggering liquefaction.
The most widely used approach has been the stress-based approach
that compares the earthquake-induced cyclic stresses with the cyclic
resistance of the soil. Strain-based and energy-based approaches are
less common and are therefore not covered here.

Earthquake-induced cyclic stresses beneath level-ground sites
are attributed primarily to the effects of horizontal shaking. Figure 47
schematically illustrates the stresses and pore pressures acting on an
element of soil beneath a level ground surface before and during hori-
zontal shaking by an earthquake. Vertical shaking of'this profile would
produce additional transient changes in the total vertical stress, total
horizontal stress, and pore pressure, but the vertical and horizontal
effective stresses would be unaffected. This is why the effects of verti-
cal shaking are not considered in the analysis of level-ground profiles.
The induced horizontal cyclic stresses are normalized by the vertical
effective consolidation stress (o) to arrive at a CSR, which is then
compared with the soil’s CRR, as shown in Figure 48. Liquefaction
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Figure 47. Cyclic stresses on a soil element beneath level ground during
horizontal shaking.
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Figure 48. The expected zone of liquefaction is determined by comparing
the earthquake-induced cyclic stresses with the cyclic resistances of the soil.

is expected at depths where the induced stresses exceed the cyclic
resistances.

The development of design procedures therefore requires meth-
ods for estimating the earthquake-induced cyclic shear stresses (i.e.,
the CSR) and the in-situ CRR. The earthquake-induced CSR is
often estimated via the Seed-Idriss simplified procedure described
in Section 3.3.
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Figure 49. Schematic of the approach used to develop relationships
between the in-situ CRR of sand and the results of in-situ tests.

The in-situ CRR of sands could be evaluated on the basis of
laboratory testing of field samples, but this would require the use of
frozen sampling techniques if meaningful results are to be obtained,
as discussed in Section 2.3. The cost of frozen sampling techniques
is prohibitive for the vast majority of projects.

Consequently, semi-empirical relationships are developed be-
tween the in-situ CRR of sands and the results of in-situ tests, on the
basis of compilations of case histories in which evidence of lique-
faction has or has not been observed, as schematically illustrated in
Figure 49. For each site, the earthquake-induced CSR and in-situ test
results (e.g., SPT and CPT results) are examined, and a critical layer
is identified. A boundary line is then developed that separates the
case histories in which “liquefaction” was observed (e.g., Site A in
Figure 49) from case histories in which liquefaction was not observed
(e.g., Site B in Figure 49). This boundary line is then adopted as pro-
viding the relationship between in-situ CRR and the in-situ test index.

The definition of “liquefaction” in this context refers to observa-
tions, mainly from the ground surface, that are interpreted as meaning
that sand at some depths must have developed high excess pore water
pressures and significant strains (shear or volumetric). The observed
effects may include soil and water boils, ground cracking, ground
deformations (lateral or vertical), upheaval of buried structures, and
settlement or failures of structural foundations. The interpretation of
field observations is complicated by the fact that surface observations
can be inconclusive in identifying the depths at which liquefaction
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probably occurred or in identifying the absence of liquefaction at
depth. For example, sands may liquefy within localized pockets or
depth intervals that are not extensive or shallow enough to produce
any surface manifestations.

The effectiveness of the resulting correlation also depends on
the degree to which the in-situ test truly reflects the soil’s resistance
to cyclic loading. For example, Seed (1979b) explained that both the
penetration resistance from an SPT or a CPT and the CRR of a sand
would be expected to respond similarly (i.e., increase or decrease)
to changes in factors such as Dp, K,, age, cementation, or seismic
history. This observation provides qualitative support for the expec-
tation of a reasonable correlation between penetration resistance and
CRR, although a more quantitative understanding of how these factors
might affect the resulting correlation remains a desirable goal.

Our understanding of the cyclic loading behavior of saturated
sands, on the basis of experimental findings, indicates that the in-situ
CRR of sand also depends on the duration of shaking (i.e., this is
analogous to the number of loading cycles), the effective overburden
stress (i.e., 0;, and K, ), and the presence of sloping ground (i.e.,
K,). The case history database is not extensive enough to empirically
define these individual effects, in part because they are correlated
with other factors and relationships in the analyses, so these effects
are instead accounted for by using relationships that are derived from
our fundamental understanding of sand behavior. Relationships for
these three effects are discussed in Sections 3.6-3.8.

The organization of case history data onto a single graph of CSR
versus in-situ test measurement can then be achieved by adjusting
the data points for each case history to a common reference con-
dition (i.e., one duration, one overburden stress, and level-ground
conditions). These adjustments are performed by using the same
relationships that will be used in the final design procedure, and
thus the final liquefaction correlation should strictly be used only
in combination with the relationships that were used to process the
case history database.

3.3 Simplified Procedure for Estimating
Earthquake-Induced Stresses

The shear stresses induced at any depth in a soil deposit with a
level ground surface during an earthquake appear to be due primar-
ily to the vertical propagation of horizontal shear waves. Analytical
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Figure 50. Schematic for determining maximum shear stress, Tmax, and the
stress reduction coefficient, ;.

procedures are available to calculate these stresses if the character-
istics of the soils comprising this deposit and the input motions are
known. Such information is not available for most of the “liquefaction/
no liquefaction” case histories that have been used to develop corre-
lations on the basis of field observations. In addition, borings drilled
for most projects seldom extend to the depths needed to define the
soil profile in sufficient detail for site response studies. For these
reasons, the simplified liquefaction evaluation procedure (Seed and
Idriss 1971) for calculating the induced shear stresses, and hence the
CSR, continues to be widely used.

If the soil column above a depth z behaved as a rigid body (Fig-
ure 50), then the maximum shear stress on the base of that column
can be computed as the product of its mass and maximum horizontal
surface acceleration:

Yy -z Amax
(Tmax)r = dmax = Oy
g

(20)

where amax 1s the maximum ground surface acceleration, y is the
average total unit weight of the soil above depth z, and o, is the
total vertical stress at depth z. In reality, the soil column behaves as a
deformable body, and hence the maximum shear stress will differ from
the value for a rigid body with the same maximum ground surface
acceleration. The maximum shear stress for a deformable body can
be determined from dynamic site response analyses, and the results
compare to the rigid body case as follows:

(Tmax)d = 7a(Tmax)r (21)
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where 7, is a shear stress reduction coefficient. The variations of
(Tmax)r and (Tmax)g Will typically have the form shown in Figure 50,
and thus the value of r; will decrease from a value of 1 at the ground
surface to lower values at large depths.

One-dimensional dynamic site response analyses have been used
to develop simplified expressions for 7;. These analyses have shown
that r; is particularly dependent on the earthquake ground motion
characteristics (e.g., intensity and frequency content), the shear wave
velocity profile of the site, and the nonlinear dynamic soil properties
(Seed and Idriss 1971, Golesorkhi 1989, Idriss 1999, Cetin et al.
2004).

Idriss (1999), in extending the work of Golesorkhi (1989), per-
formed several hundred parametric site response analyses and con-
cluded that, for the purpose of developing liquefaction evaluation
procedures, the parameter r; could be adequately expressed as a func-
tion of depth and earthquake magnitude (M). The following expres-
sions were derived by using those results:

ra = exp(a(z) + B(z) M) (22)

a(z) = —1.012 — 1.126 sin (H%Jrs.m) (23)
. z

B(z) = 0.106 + 0.118 sin (ﬁ +5.142> (24)

in which z is depth in meters, M is moment magnitude, and the ar-
guments inside the sine terms are in radians. Equations 22-24 are
mathematically applicable to a depth of z < 34 m. However, the un-
certainty in r4 increases with increasing depth, so these equations
should actually be applied only for depths that are less than about
20 m. Liquefaction evaluations at greater depths often involve spe-
cial conditions for which more detailed analyses can be justified. For
these reasons, it is recommended that the CSR (or equivalent ; val-
ues) at depths greater than about 20 m be based on site response
studies—provided, however, that a high-quality site response calcu-
lation can be completed for the site. Site response analyses for this
purpose require sufficient subsurface characterization of the site and
must account for variability in the possible input motions.

Figure 51 shows plots of 7, calculated by using the above recom-
mended expressions for M values of 5.5, 6.5, 7.5, and 8. Also shown
in this figure is the average of the range published by Seed and Idriss
(1971). The information in Figure 51 indicates that the average of that
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Figure 51. Variations of the stress reduction coefficient »; with depth and
earthquake magnitude (Idriss 1999).

range is comparable with the curve calculated by using the revised
expressions with M = 7.5 for depths up to about 14 m. Cetin et al.
(2004) proposed r; values that are a function of depth, earthquake
magnitude, level of shaking, and average shear wave velocity over
the top 12 m of the site, whereas Kishida (2008) proposed r; values
that are a function of depth, a response spectra ratio (as a measure of
frequency content), level of shaking, and shear wave velocity profile.
The 74 values by Kishida are in good agreement with those in Fig-
ure 51 when the shear wave velocity profile corresponds to sandier
soil deposits and are smaller than those in Figure 51 for depths greater
than 6 m when the shear wave velocity profile corresponds to sites
with predominantly soft fine-grained soils. The r; values by Cetin
et al. reduce more quickly with depth and are significantly smaller
than those by Kishida or Idriss.

The earthquake-induced cyclic stress time series involves nu-
merous cycles at different strengths, with the damaging effects of the
irregular time series depending on the number of cycles and the stress
magnitudes for each cycle. Various studies have shown that an irreg-
ular time series can be approximated by a uniform cyclic stress time
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series with an equivalent number of uniform cycles that depends on
the uniform cyclic stress amplitude (as described in Section 3.5).
Consequently, Seed and Idriss (1971) chose to represent
earthquake-induced cyclic stresses by using a representative value
(or equivalent uniform value) equal to 65% of the peak cyclic stress.
The corresponding earthquake-induced CSR is therefore computed

as
Tmax Oyc Amax

vc O_UC

CSR = 0.65

rd (25)

The choice of 0.65 to represent a reference stress level is somewhat
arbitrary, but it was selected in the beginning of the development of
liquefaction evaluation procedures in 1966 and has been in use ever
since. More importantly, the overall liquefaction evaluation procedure
would be essentially unaffected by the choice of a different reference
stress ratio, provided that the adjustment factors for the duration of
shaking and the empirically derived liquefaction correlations were all
derived for that reference stress (see Section 3.5).

3.4 In-Situ Tests as Indices for Liquefaction Characteristics

The in-situ tests that have been most widely used as indices for
evaluating liquefaction characteristics include the SPT, CPT, BPT,
large penetrometer test (LPT), and shear wave velocity (V) test. The
SPT was used first in developing liquefaction correlations and was
the most common in practice up through the 1990s. The CPT has a
number of advantages, however, that have made it the primary site
characterization tool in certain geologic settings. The BPT, LPT, and
V; tests tend to be used in special situations and thus are used less often
than the SPT and CPT in liquefaction evaluations. Each of these tests
is discussed separately below, after which the complementary roles of
site investigation techniques and the advantages of pairing techniques
(e.g., CPT soundings and SPT borings) are discussed.

SPT

The SPT is a widely available sampling method that indicates a
soil’s compactness or strength. The SPT measures the number of blows
(N) by a 140-pound hammer falling freely through a height of 30 in.
that are required to drive a standard split-spoon sampling tube (2 in.
outside diameter, 13/ in. inside diameter) to a 12-in. depth after an
initial seating drive of 6 in. The thick walls of the split-spoon sampler
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make it rugged enough to use in a wide range of soil conditions. The
soil samples are too disturbed for meaningful engineering property
tests but are nonetheless suitable for index testing (e.g., gradations
and Atterberg limits). The SPT blow count or “N value” is low in
soft or loose soils and increases with increasing stiffness or strength
of the soil, and this value can thus be used as an index of the soil’s
in-situ strength or compactness. Because of its economical nature and
ruggedness, this test is widely used to evaluate the spatial variability
of a soil deposit, and consequently the N value has been correlated
with a wide range of engineering characteristics (e.g., Kulhawy and
Mayne 1990).

Satisfactory use of the SPT for liquefaction analyses requires
that the apparatus and procedures conform with the ASTM D-6066
standard. The features of the procedure recommended by Seed et al.
(1985) for liquefaction evaluations, as summarized in Table 2, meet
this standard and continue to be followed in practice.

Among the most important variables is the amount of energy de-
livered to the drill rod stem by each impact of the SPT hammer. The

Table 2 Recommended features of SPT procedure for liquefaction
evaluations (after Seed et al. 1985, with permission from ASCE).

Feature Description

Borehole Rotary borehole diameter of 4-5 in. with drilling
mud for stability; the drilling mud should be kept
thick enough, and the hole should always be full.
Special care is required when pulling rods out of
the hole, to avoid suction.

Drill bit Upward deflection of drilling mud (e.g., tricone
or baffled drag bit)
Sampler O.D.=2in.
I. D. = 1.38 in. (constant; i.e., no room for liners
in barrel)
Drill rods A or AW for depths < 50 ft
N, BW, or NW for greater depths
Energy delivered to 2,520 in.-1b. (i.e., 60% of theoretical maximum
sampler of 140 Ibs. falling 30 in.)
Blow count rate 3040 blows per minute
Penetration resistance Measured over a range of 618 in. of penetration
count into the ground
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range of delivered energy can be 30—90% of the theoretical maximum
energy (the 140-1b hammer multiplied by its 30-in. drop height), de-
pending on the amount of energy lost to frictional and mechanical
resistances that depend on the type of equipment and its operating
condition. The N value is essentially inversely proportional to the
delivered energy (Schmertmann and Palacios 1979). In U.S. practice,
the delivered energy is commonly about 55-60% of the theoreti-
cal maximum energy (Kovacs et al. 1983), and therefore Seed et al.
(1984) recommended adopting Ngg as a standard. The value of N
is computed as
Neo = N 2 26
60 = L{Vm 60 ( )

where N, 1s the measured blow count, £R,, 1s the measured delivered
energy ratio as a percentage, and Ng is the blow count for an energy
ratio of 60%. The ratio of ER,, /60 is also referred to as an energy
ratio correction factor, Cz. The energy ratio is one of the most impor-
tant variables in obtaining reliable Ng values. Therefore, it is impor-
tant that energy ratios be routinely measured as part of liquefaction
evaluations.

Additional correction factors may be needed to arrive at a more
standardized value of Ngo. The resulting relationship is given by

N60 = CECB CR CSNm (27)

in which Cp is the energy ratio correction factor described above,
Cp 1s a correction factor for borehole diameter, Cp is a correction
factor for rod length, and Cy is a correction factor for a sampler that
had room for liners but was used without the liners. Suggested ranges
for each factor are in Table 3. The borehole diameter and sampler
correction factors can be important in interpreting older borings, but
for future applications it is recommended that appropriate standards
be followed so that the Cz and Cy factors are unnecessary (i.e., each
is equal to unity).

The short rod correction factor Cx (Table 3) is intended to ac-
count for how the energy transferred to the sampling rods is affected
by rod length (e.g., Schmertmann and Palacios 1979). The hammer-
to-anvil impact sends a compressive stress wave down the sampling
rods, which then reflects from the sampler as a tension wave. This ten-
sion wave returns to the anvil, where it causes the hammer to bounce
off the anvil. Schmertmann and Palacios (1979) concluded that the
energy imparted to the sampling rods during this primary impact
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Table 3 Correction factors for SPT N values.

Factor

Description

Energy ratio

Borehole
diameter

Rod length

Sampler

Energy measurements are required to determine the de-
livered energy ratios or to calibrate the specific equipment
being used. The correction factor is then computed as

ER,

60
where ER,, is the measured energy ratio as a percentage
of the theoretical maximum.

Cr =

Empirical estimates of Cy (for rod lengths of 10 m or
more) involve considerable uncertainty, as reflected by the
following ranges:

Doughnut hammer Cg =0.5-1.0
Safety hammer Cg=0.7-12
Automatic triphammer Cy=0.8-13

(Seed et al. 1984, Skempton 1986, NCEER 1997)

Borehole diameter of 65-115 mm Cg=1.0
Borehole diameter of 150 mm Cp=1.05
Borehole diameter of 200 mm Cp=1.15

(Skempton 1986)
Where the ER,, is based on rod lengths of 10 m or more,
the ER delivered with shorter rod lengths may be smaller.

Recommended values from Youd et al. (2001) are as
follows:

Rod length < 3 m Cr =0.75
Rod length 34 m Cr =0.80
Rod length 4-6 m Cr =0.85
Rod length 6-10 m Cr =0.95

Rod length 10-30 m Cr =1.00
Standard split spoon without room for liners (the inside
diameter is a constant 13/g in.), Cs = 1.0.

Split-spoon sampler with room for liners but with the lin-
ers absent (this increases the inside diameter to 1Y/, in.
behind the driving shoe):

Cs=1.1 for (N])(,Oflo

N
Cs=1+ (1(‘)2)60 for 10 < (N))g < 30

Cs =13 for (Ny)g =30
(from Seed et al. 1984, equation by Seed et al. 2001)
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(before the arrival of the tension wave) was primarily responsible for
sampler advancement and that any energy transferred in secondary
impacts did not contribute to advancing the sampler. If the energy ra-
tio (ER,,) for an SPT system is measured for rod lengths greater than
about 10 m, then the energy ratio delivered with shorter rod lengths
would be smaller. If the ER,, value is measured for a specific short rod
length, however, then there is no need to apply a C correction, be-
cause the measured ER,, already accounts for the effects of the shorter
rod. In developing liquefaction correlations, Seed et al. (1985) used
Cr = 0.75 for rod lengths shorter than 3 m and Cy = 1.0 for longer
rods. More recently, Youd et al. (2001) recommended C values that
range from Cg = 0.75 for rod lengths shorter than 3 mto Cp = 1.0
at a rod length of 10 m.

The basis and need for short rod correction factors have been
questioned in some recent studies (e.g., Daniel et al. 2005, Sancio and
Bray 2005). Daniel et al. (2005) suggested that the energy transferred
in secondary impacts may, in fact, contribute to sampler advance-
ment. Sancio and Bray (2005) concluded that short rod lengths have
only a small effect on the energy ratio calculated by the force-velocity
method. The effect of these and other findings about the various ana-
lytical components of liquefaction procedures must be considered in
future updates to liquefaction correlations.

The C; correction is for SPTs performed via a sampler that has
room for liners but uses no liners. In this case, the sampler is easier
to drive, because the soil friction along the inside of the sampler is
reduced. The effect on N values is relatively small for loose sands
but increases to about 30% for dense sands.

The presence of large particles (coarse gravels and larger par-
ticles) in a sand can cause the SPT penetration resistance to be un-
reasonably high when the sampler strikes one of the particles. These
influences have been evaluated on many projects by tracking the cu-
mulative blow count for every 1-in. (or 0.1-ft) increment of penetra-
tion, as illustrated in Figure 52. A sharp increase in the blow count
rate per inch of penetration indicates that a large particle was en-
countered, whereas a uniform rate of penetration indicates relatively
uniform soil conditions over the sampling interval. In either case, the
percent sample recovery and the type of soil returned provide addi-
tional information to consider. For example, striking a large particle
may block soil from entering the spoon, thereby yielding a low sam-
ple recovery, or the soil sample that is recovered might contain coarse
gravel particles, which indicates the general presence of gravels at

74

For more monographs, publications, or videos, visit http://www.eeri.org



12

Penetration (inch)

18

24

Cumulative Blow Count

\

F I T T |

Cumulative Blow Count

12

0 20 40 60 0 20 40 60
N =27 ] I N =22 ]
 [Sample B] - 5 [Sample D] J

¥-

T |

Penetration (inch)

18

/]‘

|
N=18
[Samp(e Al

T |

24

[Sample C]

N=18

Figure 52. Examples of interpreting SPT blow counts on a per-inch basis:
(a) smooth driving patterns that do not require corrections to N values and
(b) strong increases in driving resistance that, along with sample recoveries,
suggest that the sampler encountered large particles; this graph also shows
the adjusted N value, based on extrapolating the pre-obstruction driving
rate.

that depth. Where the driving record, sample recovery, and sample
type are all consistent, it may be possible to extrapolate an SPT blow
count that would be representative of the sand matrix if the large
particle(s) had not been encountered, as illustrated in Figure 52. This
approach to correcting for the presence of large particles is believed to
be reasonable for gravel contents up to about 15-20% (Mejia 2007).

The presence of soft clay or silt interlayers in sand deposits can
cause an SPT penetration resistance to be unreasonably low when
the sampling interval is very close to the softer soil. These influ-
ences can sometimes be evidenced by (1) blow counts for the last six
inches being substantially smaller than for the previous two six-inch
intervals, (2) the logging of soft soils at the tip of the split spoon,
or (3) a change in drilling fluid color or drilling effort immediately
below that specific SPT sample depth. Figure 53 shows an example
of this effect, in which SPT samples at depths of 6.4 m and 7.9 m
were predominantly sand and sand with fine gravel, and yet the mea-
sured Ngo values were much lower than expected on the basis of high
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Figure 53. An adjacent SPT boring and CPT sounding that illustrate how
thin clay seams can affect penetration resistances in sand (after Boulanger
et al. 1995).

values of CPT tip resistance in an adjacent CPT sounding. The low
Ngo values were attributed to the presence of several thin, soft clay
seams that are also clearly represented by the intervals of low CPT
tip resistances.

SPT N values, after the various corrections and in the absence
of any adverse effects, depend on the effective overburden stress as
well as on the sand’s relative density and other characteristics. Con-
sequently, an additional correction of the N value for effective over-
burden stress is required, to arrive at a test result that is believed to
primarily reflect the sand’s properties and relative density. This cor-
rection for overburden stress is described in Section 3.7.

CPT

The CPT has proved to be a valuable tool for characterizing
subsurface conditions and assessing various soil properties, includ-
ing estimating the potential for liquefaction. A typical CPT involves
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pushing a 35.7-mm-diameter conical penetrometer into the ground
at a standard rate of 2 cm/sec. while electronic transducers record
(typically at 2-cm or 5-cm intervals) the force on the conical tip, the
drag force on a short sleeve section behind the tip, the pore water
pressure behind the tip (or sometimes at other locations), and other
quantities (e.g., inclination and temperature). The tip force is divided
by the cross-sectional area of the penetrometer to determine the tip re-
sistance, ¢., and the sleeve drag force is divided by the sleeve surface
area to determine the sleeve friction, f;. The main advantages of the
CPT are that it provides a continuous record of the penetration resis-
tance and is less vulnerable to operator error than the SPT. The main
disadvantages of the CPT are the difficulty in penetrating layers that
have larger particles (e.g., gravels) or very high penetration resistance
(e.g., strongly cemented soils) and the need to perform companion
borings or soundings to obtain actual soil samples.

Empirical correlations have been developed between soil types
and the various CPT measurements, so the soil profile can be ap-
proximately inferred even without direct soil sampling. For example,
the empirical chart in Figure 54 categorizes soils into nine different
soil behavior types on the basis of the dimensionless values for the
normalized cone tip resistance (Q) and friction ratio (). The value
of Q is computed as

() (E) @

where o0, is the total vertical stress, o, is the effective vertical stress,
P, is atmospheric pressure, and the exponent n varies from 0.5 in
sands to 1.0 in clays (Olsen and Malone 1988, Robertson and Wride
1998). The value of F is computed as

F = (L) - 100% (29)

gc — Oyc

Alternatively, the boundaries between soil types 2—7 in Figure 54 may
be represented as a series of concentric circles whose common center
is above the upper left corner of the plot. Any point on this chart
can then be partly described by its radial distance from that center
point, with the radial distance being referred to as the soil behavior
type index (/.). This approach was introduced by Jefferies and Davies
(1993), but for a slightly different classification chart. For the chart in
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1. Sensitive, fine grained 6. Sands - clean sand to silty sand
2. Organic soils - peats 7. Gravelly sand to dense sand
3. Clays - silty clay to clay 8. Very stiff sand to clayey sand *

4. Silt mixtures - clayey silt to silty clay 9. Very stiff, fine grained *
5. Sand mixtures - silty sand to sandy silt

* Heavily overconsidated or cemented

Figure 54. Normalized CPT soil behavior type chart
proposed by Robertson (1990).

Figure 54, an expression for /., was derived by Robertson and Wride
(1998) as

I = [(3.47 — log (0))? + (log (F) + 1.22)2] 6o

For example, /. = 1.31 is the approximate boundary between
soil types 6 (clean sand to silty sand) and 7 (gravelly sand to dense
sand), whereas /. = 2.60 is the approximate boundary between soil
types 4 (clayey silt to silty clay) and 5 (silty sand to sandy silt).

The /. index has been correlated with the fines content (the per-
cent passing a No. 200 sieve) and liquefaction resistance of sands
(e.g., Suzuki et al. 1997, Robertson and Wride 1998, Suzuki et al.
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Figure 55. Correlation between fines content and the soil behavior type
index, /. (data from Suzuki et al. 1998).

1997). General correlations between /. and fines content are poor, as
illustrated by the large scatter in the Figure 55 plot and the low cor-
relation coefficient. These data simply reflect the approximate nature
of correlations between CPT measurements and soil type (e.g., Fig-
ure 54) that are developed for general application across a broad range
of sites and geologic settings. The accuracy of CPT-based classifica-
tion charts or /. correlations can, however, be greatly improved by
collecting, and calibrating against, site-specific data. Consequently,
direct soil sampling should always be the primary means for determin-
ing soil characteristics, or for establishing site-specific correlations
between soil characteristics and CPT measurements, for the purpose
of liquefaction evaluations.

The penetration resistance from either a CPT or SPT is influenced
by the strength and stiffness of the soils around the actual penetration
interval. The zone of influence in sand may be 10-30 times the pen-
etrometer’s diameter, with the influence zone being larger for higher
relative densities. Thus, the zone of influence may be about 20—50 cm
for a CPT and about 50-150 cm for an SPT split-spoon sampler. In
addition, the SPT penetration resistance is effectively integrated over
a 30-cm-long interval, and thus the SPT blow count represents a much
larger volume of soil than does a CPT tip resistance. The smaller zone
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of influence for the CPT enables it to identify stratigraphy in much
greater detail, as illustrated in Figure 53 by the CPT’s ability to iden-
tify the sharp transitions between the dense sands and soft clay seams
at depths of 5-8 m. At the same time, it can be important to realize
that even the CPT provides sufficiently smeared information that the
discrete measurements taken near the interfaces between soils of sig-
nificantly different strengths and stiffness may not be representative
of either soil, as also noted in the CPT plot in Figure 53.

A related concern is the difficulty in characterizing thin sand
layers that have softer soils above and below them. If the sand layer
is too thin, then the cone tip may never be free of the influence of the
softer soils, so the tip resistance in the sand is never representative
of its relative density. This phenomenon can be partly accounted for
by multiplying the measured tip resistance by a thin-layer correction
factor (K ), as illustrated in Figure 56 (Robertson and Fear 1995,
Youd et al. 2001).

BPT and LPT

BPTs and LPTs have been used in soils with large particles (e.g.,
gravels and cobbles) that can interfere with the accuracy of SPTs
and CPTs or even preclude their use. The BPT uses a double-acting
diesel pile hammer to drive into the ground a 168-mm-diameter, 3-m-
long double-walled casing with a closed bit. The BPT test provides a
continuous driving record, from which the blow count is the number
of hammer blows required to drive the casing each 300 mm (1 ft) into
the ground. The LPT is similar to an SPT, except that it uses a larger
split-spoon sampler and a larger hammer to drive it.

The BPT depends on a number of factors that affect the energy
delivered to the casing tip, including the diesel hammer’s energy effi-
ciency and the friction along the entire casing. Correlations between
BPT and SPT values in sand deposits are used to convert BPT blow
counts into equivalent SPT N values for use in liquefaction analyses.
Attempts have been made to further standardize the BPT and better
understand its mechanics, but significant concerns remain about its
repeatability and general interpretation. More details about the BPT
procedures and related issues are provided by Harder (1997) and Sy
(1997).

Several different LPTs have been developed around the world
that have sampler outer diameters of 7.3—14 cm (as compared with
5.1 cm for the SPT) and hammer potential energies of 1.2—5.9 times
the potential energy for the SPT hammer. Penetration resistances from

80

For more monographs, publications, or videos, visit http://www.eeri.org



Case #1 Case #2 Case #3 CPT tip resistance, q,

L2 T R (Qc )thin = peak resistance
=770 LT T achieved in a thin layer
Clay B 1 Clay B 7| ClayB~ {
—— £
Sand A" £ ~
EARNNEE ~ < eSS Case #3
S T &
T Q Case #2
Case #1
T q," = resistance
T without influence
-=-=-- v of soft layers
2 T " T T T T T T T T T T
| \ \ NCEER/NSF workshop (Youd et al. 2001): |
\ \ Cone diameter, d,=35.7 mm
T \ \ |
X 18 Ay A}
5 \ \ — Range based on field data
3 i \ \ [ ]
“E 16 \\ \ \\ Recommended relationship:
S Ky = 1.0 + 0.25[(H/d, )/17 - 1.77]2
§ 3 qc‘ = KH (qc) thin N
o
8 |
> 14
e
T - AN i
kS N
s 12 N 0= quu/q.5 Elastic solutions -
Ny S < (Vreugdenhil et al. 1994;
- Yo Robertson & Fear 1995) 4
~
1 I A A i N A i — A i i A
0 1 2 3
(b) Sand layer thickness, H (m)

Figure 56. Thin-layer correction factor (K ) for determining equivalent
thick-layer CPT tip resistance: (a) a schematic of thin-layer effects and
(b) the relationship recommended in Youd et al. (2001).

LPTs have been correlated with those from SPTs, so the LPT values
can be converted into equivalent SPT Ngy values for use in lique-
faction evaluations. Daniel et al. (2003) showed that wave equation
analyses of the different penetration tests provided a rational means
for assimilating various empirical LPT-SPT correlations. They further
noted the importance of energy measurements for obtaining reliable
LPT penetration resistances.
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Shear Wave Velocity

Shear wave velocity tests measure the small-strain shear mod-
ulus (stiffness) of the soil, and thus they represent an engineering
property measurement rather than an index test. There are several
different methods for measuring V; in situ (e.g., cross-hole, down-
hole, seismic CPT, and spectral analysis of surface waves (SASW)),
each with particular advantages and disadvantages. A general advan-
tage of JV tests is that they can be used for sites underlain by soils
that are difficult to penetrate or sample (e.g., gravels, cobbles, and
boulders). The general disadvantages of V; tests are that they provide
very limited spatial resolution for characterizing site stratigraphy and
heterogeneity (e.g., they measure an average velocity over relatively
large volumes), they do not provide soil samples, and they are not a
very sensitive measure of liquefaction resistance.

The Complementary Roles of Site Investigation Techniques

In-situ test results are useful as an index of liquefaction charac-
teristics only if the overall site characterization has been reasonably
complete and thorough. Site characterization efforts must include a
thorough understanding of the geologic setting. This effort should in-
clude a study of geologic maps, aerial photos, and historical records
of earthquake observations in the area. The interpretation of the geo-
logic setting should include the identification of types of strata that are
likely to exist, or may exist, and the type of detailed exploration that
might—within reason—be needed to reasonably confirm their exis-
tence or nonexistence. More detailed site explorations may include
borings, CPT soundings, and geophysical tests in various combina-
tions and sequences, as best suited for the particular site.

It is perhaps useful to emphasize that the standard practice of
SPT sampling does not provide a complete picture of the subsurface
profile, and most engineering borehole log representations have been
simplified. The photo in Figure 57 illustrates this fact. Clearly, SPT
samples at a 1.5-m interval, which is a common sampling interval,
provide only a limited view of the actual soil conditions. Careful log-
ging of the drilling process can help identify changes in soil strata be-
tween sampling intervals and guide the need for more closely spaced
samples. Nonetheless, most site exploration tools have a limited res-
olution at some spatial level, and thus the potential for missing a
geologic feature should always be carefully considered as part of the
overall interpretation of the site geology.
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Figure 57. An excavation face showing the interlayering of sand, gravelly
sand, and sandy gravel in an alluvial deposit and the portion of the deposit
that would be observed via SPT samples at 1.5-m intervals.

Pairing CPT soundings and SPT borings can be extremely valu-
able, for several reasons. For example, it is often useful to complete
a number of CPT soundings before selecting the optimal locations
and depths for SPT or tube sampling. Another advantage of pairing
SPT borings and CPT soundings is the ability to more clearly identify
penetration resistance measurements that may have been affected by
the proximity of softer soil layers, as illustrated in Figure 53. Paired
CPT and SPT data can also be used to develop site-specific correla-
tions between g. and N for various strata of concern. Site-specific
correlations can be valuable for interrelating the findings of CPT- and
SPT-based liquefaction evaluations and for ground improvement con-
trol and evaluation purposes.
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3.5 Overburden Correction of in-Situ Test Results

Penetration Tests

SPT and CPT penetration resistances in sand increase with in-
creasing confining stress, which means that Ny and ¢, values from
different depths, locations, or sites cannot be directly compared with
each other unless they were measured at comparable vertical effective
stresses. The progressive increase in penetration resistances with ver-
tical effective stress is demonstrated in Figure 58. This figure shows
the results of SPT calibration chamber tests on three different sands,
with each sand prepared at three different relative densities (Marcu-
son and Bieganousky 1977a, 1977b). CPT calibration chamber tests
show similar variations in g, with vertical effective stress, and both
SPT and CPT data from relatively uniform field deposits of sand also
show the same variations.

Penetration resistances are corrected to the equivalent value that
would have been obtained in the identical sand if the vertical effective
stress had been 1 atm. The overburden corrected penetration re-
sistances, (N1)¢o and ¢.1, are computed by using an overburden
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Figure 58. Variation of SPT N values with vertical effective stress
for three different sands at three different relative densities (Idriss
and Boulanger 2004; data from Marcuson and Bieganousky
1977a, 1977b).
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correction factor, Cy, as follows:

(N1Deo = CnNeo (3D
ge1 = Cnge (32)

The CPT is further normalized with respect to atmospheric pressure
by dividing ¢.; by P, to obtain a corrected dimensionless tip resistance
qcinN, 1.e., ge1N = qc1/ Py, as recommended by Robertson and Wride
(1998).

The concept of Cy follows directly from experimental results like
those in Figure 58, from which the Cy value for each o, is determined
by dividing the penetration resistance that was obtained in that sand
at o, = 1 atm by the penetration resistance in the same sand at
o, # 1 atm. The resulting ()¢ and g, values are thus independent
of vertical effective stress, making them an index of sand properties
and relative density that can be more rationally compared within the
same site or from one site to another.

Cy relationships can be derived from calibration chamber data
for SPTs or CPTs such as those shown in Figure 58 for the SPT, from
theoretical solutions for the CPT (e.g., Salgado et al. 1997a, 1997b),
and from field data in relatively uniform sand deposits (e.g., Skempton
1986). A number of different relationships have been proposed for
Cy. The following form is modified from that proposed by Liao and

Whitman (1986):
P m
Cy = (—) (33)
o

ve

where m is a parameter that depends on the sand properties and relative
density (Boulanger 2003b). For example, equation 33 was used to
fit the SPT calibration chamber data in Figure 58, resulting in the
m values that are summarized in Figure 59. Figure 59 also shows
a relationship for m that fits CPT calibration chamber test results,
illustrating how a single C relationship with

m = 0.784 — 0.521 - Dp (34)

provides a reasonable approximation for both penetration tests. Note
that the larger m values (i.e., those closer to 1) at low relative densi-
ties correspond to a condition in which the plots of penetration resis-
tance versus vertical effective stress in Figure 58 are closer to linear,
whereas the smaller m values at higher relative densities correspond
to a condition in which the plots are less linear.
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Figure 59. Overburden normalization factor exponent
m versus (a) relative density and (b) N, value, for the
three sands tested in SPT calibration chamber tests by
Marcuson and Bieganousky (1977a, 1977b)
(Boulanger 2003).

Implementation of the above expression in practice is facilitated
by correlations between Dy and penetration resistance. A common

expression for the SPT is

_[(N1)eo
Dr =/ c,

where Dy is expressed as a ratio, rather than as a percentage. The
original observations of Meyerhof (1957) indicated a C; value of
about 41. Skempton (1986) reviewed field and laboratory data and
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suggested that the best average C, values for normally consolidated
natural sand deposits were about 55 for fine sands and 65 for coarse
sands. Skempton further noted that C; varied significantly with the
age of a deposit, and thus the typical C, value for fine sands could
be 35 in laboratory tests, 40 in recent fills, and 55 in natural deposits.
Cubrinovski and Ishihara (1999) summarized data from high-quality
undisturbed samples (obtained by in-situ freezing) that gave average
C, values of about 51 for clean-sand samples, about 26 for silty sand
samples, and about 39 for all samples.

CPT tip resistances have also been correlated with Dy in various
forms. The relationships by Salgado et al. (1997a, 1997b) for clean
sands can be approximated as

0.264
Dg = 0.465 | 4V —1.063 (36)
Cag

where the term g, v is conveniently dimensionless. The factor Cy, is
0.64—1.55 for the range of sand properties studied by Salgado et al.
(19970).

These g.1ny-Dgr and (Ny)go-Dr correlations were used by Idriss
and Boulanger (2003b) to check the consistency between SPT- and
CPT-based liquefaction triggering correlations, as described in Sec-
tion 3.10. A value of C; = 46 was used for the SPT relationship, and
Cag = 0.9 was used for the CPT relationship. Thus, the following
equations are obtained:

[ (N1)eo
Dp = 16 (37)

Dgr = 0.478 (qe1n) "2 — 1.063 (38)

Substituting the above relationships into the expression for m (equa-
tion 34) gives the following expressions for determining Cy:

0.784—0.0768./(N1)go
Py
Cy = <—,> <17 (39)
O.UC
with (N})go limited to values < 46 for use in this expression, and
1.338—0.249(gc1 v) 2%
P,
Cy = <—/> <17 (40)
OUC
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Figure 60. Overburden correction factor Cy for: (a) vertical effective
stresses of up to 10 atm and (b) vertical effective stresses of up to 2 atm.
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with g.1 y limited to values between 21 and 254 for use in this expres-
sion. The numerical limits on (N)eo and g,y for use in equations
39 and 40 keep the exponent terms within the range of the available
data.

Cy values computed via the above expressions are limited to
maximum values of 1.7 because of practical considerations and the
fact that these expressions were not derived for very low effective
stresses. For example, the Cy expressions above produce very large
values as the vertical effective stress approaches zero. Therefore, a
limit must be imposed on the maximum value of Cy because of
uncertainties in these equations at shallow depths (limits of 1.7-2.0
have been recommended by various researchers).

The resulting Cy curves are plotted in Figure 60, showing the
importance of Dy with increasing depth (i.e., the role of Dy in this
figure is represented by penetration resistances). Solving for Cy via
the above expressions requires iteration, because (N})go depends on
Cy, and Cy depends on (Nj)go (and similarly for the CPT, g.1n
depends on Cy, and Cy depends on g.;y). This iteration can be
easily accomplished by using a circular reference in most spreadsheet
software.

The variation of Cy with Dy is of less importance when the
vertical effective stress is 0.5-2.0 atm, which represents the range of
stresses encountered in many practical situations (i.e., depths less than
about 10—15 m). For this reason, past practice has often relied on Cy
expressions that are independent of Dg. One of the most widely used
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of these Cy expressions was proposed by Liao and Whitman (1986):
0.5
P,
Cy = (—) <17 (41)

GUC

This expression matches the previously described expressions when
Dy & 54%, (N1)eo =~ 14, and g,y =~ 99 and provides a simple and
reasonable approximation of the available data at vertical effective
stresses that do not vary substantially from o, = 1 atm.

Shear Wave Velocity

Vs values also increase with increasing effective confining stress,
and thus they are also corrected to the equivalent value that would
have been obtained in the identical sand if the vertical effective stress
had been 1 atm. The overburden normalization for V; values follows
from the experimental observation that the maximum (low-strain)
shear modulus, Gnax, in sand is approximately proportional to the
square root of the effective confining stress. Since V is equal to the
square root of Gax/p Where p is the mass density, it follows that the
sand’s equivalent V1 value can be obtained as

Pa 0.25
Vo=, [ == (42)

vc

This normalization is less sensitive to overburden stress than for pen-
etration tests and can be considered independent of the sand’s Dg.

3.6 Magnitude Scaling Factor

A magnitude scaling factor (MSF) is used to adjust the CSR
and/or CRR to a common value of M (conventionally taken to be
M = 7.5), because the CRR depends on the number of loading cycles,
which correlates with M (Seed et al. 1975b). The basic definition of
the MSF is

MSF = _CRRy (43)
MSEF relationships can be derived by combining (1) laboratory-based
relationships between the CRR and the number of uniform stress cy-
cles and (2) correlations of the number of equivalent uniform cycles
with earthquake magnitude. These two relationships are interdepen-
dent, as described below, and thus must be developed in parallel to
maintain compatibility and consistency.
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Converting Irregular Stress Time Series to Equivalent Uniform
Time Series

Methods for converting an irregular time series to equivalent
uniform cycles have involved concepts similar to those used in fatigue
studies. First, the relationship between the CRR and the number of
uniform stress cycles (V) is developed; as shown in Section 2, this
relationship is reasonably approximated by using the form

CRR=a-N" (44)

This power relation produces a straight line with a slope of —b on
a log(CRR) versus log(N) plot, with a b value of 0.34 being rep-
resentative of clean sands. For two individual stress cycles having
magnitudes CSR 4 and CSR g, the relative number of cycles to cause
failure at these two stress ratios can be obtained as

Ni (CSR3>1/b
Ng  \CSRy4

The damage from one cycle of stress at CSR 5 would then be equiv-
alent to the damage from X4 cycles at CSR 4 if their numbers of

cycles are an equal fraction of the number of cycles to failure at their
respective CSRs. This means that X 4 can be computed as

(45)

X4 cycles  1cycle

46
N, Ny (46)
which leads to the expression
CSRp\ !/t
= (CSRj) (1 cycle at CSRp) (47)

This expression is used to convert individual stress cycles into an
equivalent number of cycles at some reference stress level. Note that
the above form of the CRR- N relationship is necessary for the conver-
sion to produce a unique result, and the number of equivalent uniform
cycles is controlled by the choice of the reference stress level.

The conversion of an irregular stress time series into an equiva-
lent number of uniform stress cycles for saturated sand can be simply
illustrated as follows. Suppose that undrained cyclic tests on a satu-
rated sand indicate that 10 uniform cycles at CSR = 0.45 would cause
liquefaction, whereas it would take 40 uniform cycles at CSR = 0.30
to cause liquefaction. Now suppose that this same sand is subjected
to an irregular stress time series consisting of two cycles, one cy-
cle having a CSR of 0.45 and the other cycle having a CSR of 0.30.
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This irregular time series can be converted into an equivalent uniform
stress time series having 1.25 cycles (i.e., 1 cycle + 10/40 cycles) at
a uniform CSR of 0.45, or 5 cycles (i.e., 40/10 cycles + 1 cycle) ata
uniform CSR of 0.30.

Relating MSE Number of Equivalent Uniform Stress Cycles, and
Earthquake Magnitude

The number of equivalent uniform stress cycles (V) for a given
earthquake time series depends on the specified reference stress level
and the exponent b for the CRR versus N relationship. The reference
stress is taken to be 65% of the peak earthquake-induced shear stress,
as previously mentioned in the description of the Seed-Idriss sim-
plified procedure for estimating earthquake-induced cyclic stresses.
Note that the choice of reference level is largely arbitrary; selecting
a different reference stress level would alter the values of certain pa-
rameters and relationships but would have no net effect on the final
outcome of the derived liquefaction evaluation procedure, as long as
this reference is used throughout.

N can then be computed for different earthquake time series, as
illustrated in Figure 61, and the results can be correlated with var-
ious attributes of the earthquake. This process has been performed
by using earthquake acceleration time series, with the subsequent ap-
proximation being that the number of equivalent uniform cycles of
acceleration is about equal to that for cyclic shear stresses. The value

0.06 —————F—V——F—"—"F—"——T——T—"—]——71—
0.04

0.02

Accel. (g)
(e

-0.02

-0.04

-0.06-""""""""'
o 10 20 30 40 50 60 70 80 90

Time (s)
Figure 61. Example of a time series, showing the individual

cycles that exceeded 10% of the record’s peak acceleration and the
equivalent number of uniform cycles at 65% of the peak.
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Figure 62. Mean number of equivalent uniform
cycles at 65% of the peak stress versus
earthquake magnitude.

of N has been found to depend most strongly on the earthquake mag-
nitude, with a lesser dependence on the distance to the fault surface
and the site conditions (Liu et al. 2001). Green and Terri (2005) eval-
uated the effects of an alternative method for computing equivalent
numbers of cycles and concluded that they depend on earthquake
magnitude, distance to the source, and depth in a soil profile. For
simplicity, the trends of N may be expressed solely as a function of
earthquake magnitude, as illustrated by the empirical correlation in
Figure 62.

The MSF can then be derived from the N versus M relationship
through the equation

MSF =

CRRy (NM:7.5)b 48)

CRRy—75 Ny

where Nys—7 s is the number of uniform cycles for M = 7.5. Anupper
limit for the MSF is assigned to very-small-magnitude earthquakes
for which a single peak stress can dominate the entire time series.
Consider a time series dominated by single pulse of stress (i.e., '/, to
1 full cycle, depending on its symmetry), with all other stress cycles
being sufficiently small to neglect. If this limiting case is represented
by 3/4 of a cycle at the peak stress, then the equivalent number of
uniform cycles at 65% of the peak stress would be

1.0 034 3
Nmin = <O65) (4 Cycle> ~ 2.7 (49)
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The upper limit for the MSF would then be computed as

15 034
(MSF)max, cohesionless = (ﬁ) ~ 1.8 (50)

MSF values at different M values can be similarly computed by us-
ing the above expressions and the correlation between N and M in
Figure 62. This approach was used by Idriss (1999) to arrive at the
following relationships between the MSF and M:

—M
MSF = 6.9 exp (T) —0.058 (51)
MSF < 1.8 (52)

The MSF values obtained via the above recommended expressions
are presented in Figure 63, together with those proposed by other re-
searchers. These MSF values are somewhat greater (at M < 7.5) than
those proposed by Seed and Idriss (1982), Tokimatsu and Yoshimi
(1983), and Cetin et al. (2004). In contrast, the Idriss (1999) MSF
values are significantly smaller than those proposed by Ambraseys
(1988) and Arango (1996). The latter researchers had used differ-
ent r4 relationships, along with empirical techniques that mixed the

Figure 63. Magnitude scaling factor values proposed by various
researchers.
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effects of the MSF and r,4; thus a direct comparison of their MSF
values with the Idriss MSF values is not strictly appropriate.

3.7 Overburden Correction Factor, K,

The overburden correction factor (K, ) was introduced by Seed
(1983) to adjust the CSR and/or CRR to a common value of effective
overburden stress, because the CRR of sand depends on the effective
overburden stress. The definition of K, is

_ CRRy,
~ CRRy
where CRR,; is the CRR of a soil under a specific value of o/ ,and

CRR,/ - is the CRR of the same soil when o,, = l atm. Mgcst K,
relationships have been derived from laboratory test results, as de-
scribed in the review by Harder and Boulanger (1997), whereas some
K relationships have also been guided by theoretical considerations
(Hynes and Olsen 1998, Boulanger 2003b) or by regression against
field case histories (Cetin et al. 2004).

Experimental studies with freshly reconstituted sands have shown
that the CRR can be directly related to the relative state of the sand
(e.g., Figure 24 ) so that the relationship between the CRR and &g
actually defines the K, relationship (as illustrated in Figure 25). This
means that different K, relationships would be expected for sands
that have different CRR versus Dy relationships for a given effective
overburden stress (i.e., with p’ constant, the CRR-Dpy relationship
fully defines the CRR-&p relationship). CRR values, however, can be
significantly different for freshly reconstituted sands than for field
samples obtained via tube sampling techniques or for field samples
obtained via frozen sampling techniques, as discussed in Section 2.3
and illustrated in Figures 37—40. These differences can be expected to
lead to widely different K, values, which may partly explain the large
scatter in results obtained by different researchers (e.g., Figure 22).

Consequently, Boulanger (2003b) derived K, relationships that
are consistent with the semi-empirical correlations between the field
CRR and penetration resistances (as presented in Section 3.8). This
derivation involved relating penetration resistances to £ so that the
field CRR could be expressed as a function of &z. This field CRR
versus &g relationship was then used to derive K, values via the pro-
cedure shown in Figure 25. The resulting K, relationships do not
require the computing of £g, because it was used only in the deriva-
tion process. Furthermore, the derived K, relationships are relatively

(53)

[es
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insensitive to variations in the assumed relationships between £z and
penetration resistance, because the same relationships were used in
mapping the field correlation to a CRR-£x relationship and in map-
ping it back to K, relationships.

The recommended K, relationships are computed as

/
K, =1-C,ln (”—) <11 (54)
Py
where the coefficient C, can be expressed in terms of the sand’s Dy or
the overburden corrected penetration resistances as (Boulanger and
Idriss 2004a)

1
Co=—-"—"77""=<03 (55)
18.9 — 17.3Dg
1
C, = <03 56
18.9 — 2.55/(N1)eo ~ (56)
1
Cs <03 (57)

T 373 — 8.27(qery)0264 =

The coefficient C, may be restricted to its maximum value of 0.3 by
restricting (N1)go and g, to values < 37 and < 211, respectively, in
these expressions. Values of K, computed via equations 56 and 57 are
shown in Figure 64 for a range of (N)¢o and g, values. These plots

1.4

1.2
; .“ (N1)s0=5, %1N=57_/

o.s. " "’/“ .
a L H ey
0.6 I i—

04

(N1)60=25, qoin=152 —1
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Vertical effective stress, ¢',./P,

Figure 64. K, relationships derived from &g
relationships (Boulanger and Idriss 2004).
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show K, values slightly greater than 1.0 at low confining stresses, in
accord with experimental findings, but the above regression equations
slightly overestimate the derived K, values at these low stresses. Idriss
and Boulanger (2006) chose to restrict the K, values computed via
equations 56 and 57 to a maximum value of 1.0 for use with the
semi-empirical liquefaction correlations. For this monograph, the K,
values computed via the above expressions were instead restricted to a
maximum value of 1.1, which better represents the experimental data.

3.8 Static Shear Stress Correction Factor, K,

The CRR is affected by the presence of static shear stresses,
such as exist within slopes or embankment dams, but the available
case history data are not sufficient to empirically determine this effect.
Seed (1983) introduced the correction factor K, to adjust the CRR
for the effects of static shear stresses. The definition of K, is

_ CRR,
~ CRRy—g

where « is the ratio of static shear stress to effective consolidation
stress on the plane of interest, CRR,, is the CRR of a soil under a spe-
cific value of o, and CRR,— is the CRR of the same soil when o = 0.
A number of K, relationships have since been derived on the basis of
laboratory test results, as reviewed by Harder and Boulanger (1997).
The validity of these relationships for in-situ sands is difficult to as-
sess, because there are insufficient empirical field data or laboratory
data on field samples obtained via frozen sampling techniques.

Idriss and Boulanger (2003a) derived expressions that approxi-
mate the data in Figure 29, which are based primarily on simple shear
tests and a failure criterion of 3% shear strain and which account for
the principal effects of static shear stress ratio («), relative density,
and effective confining stress. These expressions use the £z index in
their functional form, as follows:

Ky =a+b-exp (_T§R> (59)

a = 1267 + 63602 — 634 exp(a) — 632 - exp(—a)  (60)
b =-exp(—1.11 + 12.30> + 1.31 - In(a + 0.0001))  (61)

(58)

o

c=0.138 + 0.126a + 2.52a° (62)
o= (63)
Gvc
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The &g index is computed from the penetration resistances as

1 (N1)eo
Er = 00 — — (64)
(11 2K,)o,
0 —m (PR V4

1

100(1+2K,)0/,
O—In (731)” )

and

Er =

- (0.478(%1 §)0264 1.063) (65)

with g1 v limited to values > 21 for use in this expression. In addition,
« and &p should be constrained within the following limits

o <0.35 (66)
—0.6 <& < 0.1 (67)

which correspond to the range of data that equations 59-65 were
based on.

Examples of K, values computed via the above expressions
using K, =0.45 and Q = 10 are presented in Figure 65 for a range of
penetration resistances and for o, values of 1 and 4 atm.

The parameter K, is often omitted in analyses of lateral spreading
at level or mildly sloping sites—which is reasonable, because K, is
approximately unity for small values of the initial static shear stress
ratio. The inclusion of K, can, however, be important for analyses of
liquefaction within steeper slopes and embankment dams.

2.0 Pr—rr—r—Tr—"T"TTr"T—TT"TTT 2.0 Prr—r—r—Tr—""TTrTTTTTTT T
i (N1)eo; Gein = [ 1
20; 128 ] [ i
‘5 F / 1 ‘5 F (N1)6o: dein =
: : 20; 1287
é/ 16110 | i // -
] [ _——116;110 ]
xcs 10 1291 1 4, </ ]
I 1 - 12,91 1
\\ 8 72 i 5 — ! 4
\ ] [ \\ 872
I i52 | ]
0.5 15 0.5 4; 52—
:| G'yo /Py = 1| ] :| Gy /Py =4
oo/ . 1. ] oo 1|
0.0 0.1 0.2 0.3 0.4 0.0 0.1 0.2 0.3 0.4
Static shear stress ratio, o Static shear stress ratio, o

Figure 65. Variations of K, with SPT and CPT penetration resistances at
effective overburden stresses of 1 and 4 atm.
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3.9 Development of Liquefaction Triggering Correlations
from Case Histories

The development of liquefaction correlations from case histo-
ries has progressed over the years through the efforts of countless
researchers, particularly in the time-consuming investigations of indi-
vidual case histories. The earliest efforts began in Japan with attempts
to use SPT data to differentiate between liquefiable and nonliquefi-
able conditions in the 1964 Niigata earthquake (e.g., Kishida 1966).
SPT procedures continued to evolve, with the SPT correlations rec-
ommended by Seed et al. (1984, 1985) being particularly noteworthy
because they set the standard in engineering practice for the next
two decades. The first CPT liquefaction correlations based directly
on case histories were published by Zhou (1980), using observations
from the 1978 Tangshan earthquake. Seed and Idriss (1981) as well
as Douglas et al. (1981) proposed the use of correlations between
the SPT and CPT to convert the available SPT-based charts for use
with the CPT. The evolution of CPT procedures since then has in-
cluded notable correlations by Shibata and Teparaksa (1988), Stark
and Olson (1995), Suzuki et al. (1995, 1997), Robertson and Wride
(1997, 1998), and Olsen (1997). A 1996-97 workshop by the National
Center for Earthquake Engineering Research (NCEER 1997) and the
National Science Foundation (NSF) provided a timely summary of
most of the extant SPT-, CPT-, and V;-based correlations and ana-
lytical procedures (Youd et al. 2001). The next few years produced
a series of new case histories from several large earthquakes, with
Cetin et al. (2000, 2004), Seed et al. (2001, 2003), Moss (2003), and
Moss et al. (2006) producing valuable compilations of those data and
associated revisions to the liquefaction procedures and correlations.

The compiled databases were reevaluated by using the updated
framework (e.g., the revised r;, MSF, K, and Cy relationships) that
was described in previous sections. This framework is the same as that
used by Idriss and Boulanger (2004, 2006), except that K, is now al-
lowed to exceed 1.0 at low confining stresses. The differences between
the current and previous reevaluation of the database are sufficiently
small that the liquefaction correlations by Idriss and Boulanger (2004,
2006) are still applicable.

Information for each case history was compiled by identifying
the combination of the earthquake-induced CSR and in-situ penetra-
tion resistance that best represents the critical zone for each site. In
compiling the case histories into a common data set, it is necessary to
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adopt some standard reference condition to which each case history
can be adjusted. This was done by adopting the reference condition
of an M = 7.5 earthquake and an effective overburden stress of
o,. = 1 atm. Most of the case histories involved relatively modest
static shear stress ratios («), so the resulting correlations are consid-
ered applicable for « = 0. The earthquake-induced CSR at each site
was then adjusted to the equivalent CSR for the reference values of

M =7.5and o), = | atm, as

1 1
CSRy=7.5.0;,=1 = CSRM.0, e 2 "
M—7.5,0’vc—1 M,Uvg MSF Ko- ( )
Amax Ovyc 1 1
CSRu=15.01=1 = 0.65= = " rager N
M=17.5,0,.=1 O'l/}crdMSF Ko' ( )

The resulting CSRy/=75,;,=1 values were plotted against the
values of (N})¢o and g1y, with the remaining step being the devel-
opment of a boundary line that separates cases of liquefaction from
cases of nonliquefaction.

The development of these boundary lines was assisted by two
additional considerations. First, the experimental results for in-situ
sands obtained by frozen sampling techniques (Figure 37) were used
to partially guide the form of the liquefaction correlation at high
penetration resistance, because there are insufficient case histories to
constrain the upper part of this correlation curve. Second, consistency
between the SPT and CPT correlations was checked by mapping both
sets of data onto a plot of CRR versus &5 (on the basis of the empiri-
cal relationships between Dy and penetration resistance presented in
Section 3.5). Note that a common CRR versus Dy relationship at an
effective overburden stress of o, = 1 atm is equivalent to requiring
a common CRR-£5 relationship.

It is important to recognize that the resulting liquefaction corre-
lations depend on the various relationships (e.g., 74, MSF, K, and
Cy) that were used to interpret the case histories. Certain factors af-
fect the case history interpretations through their influence on more
than one relationship:

e Depth affects C,, Cy, 74, and K.

¢ Earthquake magnitude affects the MSF and r,.

 Fines content affects the CRR and has poorly defined effects

on all the other relationships.
Therefore, the liquefaction correlations should be used only with the
same relationships that were used in their development.
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3.10 SPT and CPT Correlations for Triggering of
Liquefaction in Clean Sands

The compiled SPT and CPT data for clean sands are shown
in Figures 66 and 67, respectively, along with the boundary lines
derived by Idriss and Boulanger (2004) and those proposed by other
researchers in earlier studies. The CRR-£p relationships derived from
the liquefaction correlations by Idriss and Boulanger are shown in
Figure 68, which illustrates the consistency that was obtained between
the two liquefaction correlations. These derived correlations between
CRR and penetration resistances can be expressed via the following
expressions for the SPT and CPT, respectively:

(N1)60cs ((Nl)ﬁocs)z
CRR /7 5.0/ | =
M=75.0/=1 exP( 141 "\ 126

() (B) -2s) oo

gdciNes qclNcs 2
CRR =754 =1 =
M=7.5.0}=! exP( 540 +( 67 >

3 4
gdclNcs 4dclNcs
- — 1
<80)+(114) 3) )

Figure 66. Curves relating the CRR to (N})eo for clean sands with
M =75ando,, =1 atm.
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Cyclic stress ratio
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Figure 67. Curves relating the CRR to g,y for clean sands with
M=75ando,. =1 atm.
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Figure 68. Field CRR-£; relationships derived
from the SPT- and CPT-based liquefaction
correlations by Idriss and Boulanger (2004).
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In the terms (N1)gocs and g1 nves, the subscript ¢s indicates that their
values pertain to clean sands. These correlations are applicable to
M = 7.5 and an effective overburden stress of o, = 1 atm.

The above correlations for the CRR can be extended to other val-
ues of earthquake magnitude and effective overburden stress by using
the same correction factors that were used to derive the correlations,
namely

CRRyso; = CRR /75,07 =1 - MSF - K,y (72)

The factor of safety against the triggering of liquefaction can then be
computed as the ratio of the sand’s CRR to the earthquake-induced
CSR, with both the CRR and CSR values pertaining to the design
earthquake magnitude and the in-situ effective overburden stress:

CRR s,
CSRus,o.

Alternatively, it is algebraically equivalent to convert the earthquake-
induced CSR into the reference condition presented in section 3.9 and
compute the factor of safety as

CRRy=75,07,=1
CSR =750/, =1

Different liquefaction triggering correlations cannot be com-
pared solely on the basis of their relative positions on plots like those
in Figures 66 and 67, because this does not capture the differences
in the various components of their respective analytical frameworks
(Cw, Ky, 1y, etc.). For example, the curve by Cetin et al. (2004) in
Figure 66 is significantly lower than those of other researchers, in
part because Cetin et al. use a different set of analytical relationships
that result in the case-history data points and corresponding curve
plotting lower. A more complete comparison of different liquefaction
correlations can be made by comparing the CRR and F5;, values that
would be predicted on the basis of measured penetration resistances
at different depths.

This type of comparison is illustrated in Figures 69 and 70 for
depths of up to 20 m, using the SPT-based liquefaction correlations
from the NCEER/NSF workshop (Youd et al. 2001) and the updates
by Idriss and Boulanger (2006) and Cetin et al. (2004). These compar-
isons are for clean sands (FC = 5%), a water table depth of 1 m, and
an earthquake magnitude of M = 7.5. Figure 69a shows contours of
the ratio CRR ;3/CRR ycEgr, where CRR 5 1s the CRR value from the

FSpy = (73)

FSjig = (74)
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Figure 69. Comparison of liquefaction analysis procedures from Idriss and
Boulanger (2006) with those from the NCEER/NSF workshop (Youd et al.
2001): (a) ratio of the CRR values and (b) ratio of F'Sj;,.

Figure 70. Comparison of liquefaction procedures from Cetin et al. (2004)
with those from the NCEER/NSF workshop (Youd et al. 2001): (a) ratio of
the CRR values and (b) ratio of FSy;,.
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Idriss and Boulanger (2006) procedures, and CRRycggr is the CRR
value from the NCEER/NSF workshop procedures. Figure 69b shows
contours of the ratio F'S;z/FSnceer, Where FSyp is the factor of safety
against liquefaction obtained via the Idriss and Boulanger procedures,
and FSncger is the factor of safety from the NCEER/NSF work-
shop procedures. A similar comparison of the results obtained via the
Cetin et al. (2004) procedures (i.e., CRR¢ein er ar. and FScesin et al.)
and the NCEER/NSF procedures is shown in Figure 70. Note that
Cetin et al. developed their procedures probabilistically, as described
in Section 3.12, after which they recommended that deterministic
analyses could use a curve that was equal to the curve for a proba-
bility of liquefaction (Pr) equal to 15% at (N})gocs values less than
or equal to 32 and then became slightly higher than the P, = 15%
curve as (N1)gocs values exceeded 32. For simplicity, the comparison
shown in Figure 70 uses their P, = 15% curve.

The comparisons in Figure 69 show that the CRR and FSj;,
values obtained by the Idriss and Boulanger procedures are generally
within = 10% of the results obtained via the NCEER/NSF procedures
for Ngo values of 840 at depths of 4-14 m. The good agreement
between the CRR and FSj;, values for this range of Ngy values and
depths is not surprising, given that the majority of the case history data
fall in this range of conditions, and both procedures are constrained
by largely the same data. Outside that range of Ngo and depth values,
the CRR;p values are generally 10—40% larger than the CRRycger
values but become even larger for Ny values greater than 35 at depths
greater than 16 m. The greatest contributors to these differences in
the CRR values are the C and K, relationships in these two sets of
procedures. The ratio FS;p/FSncegr at depths greater than 12 m is
smaller than the ratio CRR;3/CRR ycEER, Decause the r; values used
to compute the CSR at these depths are larger in the Idriss-Boulanger
procedures than in the NCEER/NSF procedures. At depths close to
20 m, the FS;p values are generally 88—140% of the FSyceer value.

The comparisons in Figure 70 show that the CRR and FSj;, val-
ues obtained by the Cetin et al. (2004) procedures are within + 10% of
those obtained by the NCEER/NSF procedures at depths close to 4 m,
but the differences quickly become larger at other depths. At depths
greater than about 8§ m, the CRR values from the Cetin et al. procedures
are generally 20—45% smaller than the CRRycrgr values, and the
FScetin et a1, values are generally 10-45% smaller than the FSycger
values. The Cetin et al. procedures produce substantially lower esti-
mates of the CRR and FSy;, at these depths for a number of reasons,
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including the differences in the 4, C, and K, relationships and the
effects those relationships have on the case history interpretations.

3.11 SPT and CPT Correlations for Triggering of
Liquefaction in Silty Sands

SPT Correlations

The development of the SPT correlation for silty sands is illus-
trated in Figures 71-74. The case histories were compiled into bins
of data with different fines contents and compared with the baseline
liquefaction curve for clean sands. For example, Figure 71 shows
the case history data points for cohesionless soils with FC > 35%,
along with the NCEER/NSF workshop curve (Youd et al. 2001) and
the revised curve by Idriss and Boulanger (2004). The new curve is
controlled by a few recent case history points that fell well below the
FC > 35% boundary curve agreed to at the NCEER/NSF workshop.

Similarly, the revised FC = 15% boundary curve is compared
with the NCEER/NSF workshop curve in Figures 72 and 73. Figure 72
shows the case history data points for cohesionless soils with 5% <
FC < 15%, and Figure 73 shows the case history data points for
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Figure 71. SPT case histories of cohesionless soils with FC >
35%, the NCEER/NSF workshop curve (Youd et al. 2001), and the
recommended curves for both clean sands and for FC > 35% for
M=75ando,. =1 atm.
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Figure 74. Variation of A(Nj)g with fines content.

15% < FC < 35%. Again, the revised curve is lower than the
NCEER/NSF workshop curve, and this reflects the influence of the
recent SPT case history data set compiled by Cetin et al. (2000).

The revised boundary curves for silty sands are horizontal trans-
lations of the boundary curve for clean sand and can therefore be
conveniently represented using an equivalent clean-sand SPT pene-
tration resistance computed as

(N1 e6oes = (N1)go + A (N1)go (75)
9.7 15.7 2

A(N))go = 1.63 — 76

(Moo eXp( T FCTo0 (FC+0.01) ) (70)

The variation of A (N})eo with FC, calculated via equations 75 and 76
(with FCinpercent), is presented in Figure 74. Note that the correction
for fines content is constant for FC values greater than about 35%,
which is consistent with experimental observations that the behavior
of silty sand with this level of fines content is largely governed by
the matrix of fines, with the sand particles essentially floating within
this matrix (e.g., Mitchell and Soga 2005). For silty sands with gravel
contents of up to 15-20%, the liquefaction resistance is expected
to depend primarily on the silty sand matrix. In those cases, SPT
(N1)go values should be carefully screened for the influence of the
gravel particles (e.g., Figure 52), and then the FC used to compute the
A(N1)g0 may be based on the soil fraction passing the No. 4 sieve.
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Figure 75. SPT case histories of liquefaction in cohesionless soils
with various fines contents plotted versus their equivalent clean sand
(N1)60cs values forM = 7.5 and o), = 1 atm.

The SPT case histories of liquefaction in sands, silty sands, and
sandy silts are replotted in Figure 75 against their equivalent (Vq)g0cs
values, with different symbols for different ranges of fines content.
As expected, the boundary curve established for clean sands is seen
to provide an equally good fit for any range of fines content. Conse-
quently, the value of CRR for a magnitude M = 7.5 earthquake and
an effective vertical stress of 0], = 1 atm can be calculated on the
basis of the (Ny)gocs value via the same expression presented above
for clean sands.

Note that the C values for silty sands were computed via the
equivalent clean-sand (Ni)eocs values; this appears to be a reason-
able approximation, pending a better experimental definition of how
fines content affects this relationship. This same approach is therefore
applicable when this relationship is later used in practice.

The CRR values obtained for FC = 35% by using the correla-
tions from the NCEER/NSF procedures (Youd et al. 2001) and the
updates by Idriss and Boulanger (2006) and Cetin et al. (2004) are
compared in Figure 76. These comparisons are for a water table depth
of 1 m and an earthquake of M = 7.5. Figure 76a shows contours
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Figure 76. Comparison of liquefaction analysis procedures from Idriss and
Boulanger (2006), Cetin et al. (2004), and NCEER/NSF (Youd et al. 2001)
for FC = 35%.

of the ratio CRR;3/CRR ycgEr, and Figure 76b shows contours of the
ratio CRR cerin er a1./CRRycEER. The updates by Idriss and Boulanger
and Cetin et al. both give CRR values that are generally smaller than
those obtained via the NCEER/NSF procedures; this difference is a
consequence of the recent earthquake case histories involving higher-
FC sands. The Cetin et al. procedures produce CRR values that are
significantly smaller than those obtained by the Idriss and Boulanger
procedures; these differences generally increase with depth. The dif-
ferences between the CRR;z and CRR(ysin or 1. Values are a con-
sequence of the same factors that affected their relative values for
FC < 5% sands (Figures 69 and 70).

CPT Correlations

Robertson and Wride (1997) and Suzuki et al. (1997) suggested
the use of the “soil behavior type index,” /. (Jefferies and Davies
1993), which is a function of the tip resistance (¢.) and sleeve friction
ratio (R ), to estimate the values of the CRR for cohesionless soils
with high fines content. The curve recommended by Robertson and
Wride relating CRR-¢g. 15 at 1. = 2.59 (which they defined as corre-
sponding to an “apparent” fines content of FC = 35%) is presented
in Figure 77. Also shown in this figure are the CPT-based data points
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Figure 77. Comparison of field case histories for cohesionless
soils with high fines content and the curves proposed by

(a) Robertson and Wride (1997) for soils with 7, = 2.59 (apparent
FC = 35%) and (b) Suzuki et al. (1997) for /. values of 2.0-2.4.
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for the cases examined by Moss (2003) and Moss et al. (2006) for
cohesionless soils (silty sands, sandy silts, and low-plasticity silts)
with FC > 35%. As the figure shows, the curve recommended by
Robertson and Wride (1997) is unconservative in relation to these
newer case history data points. The relationships by Suzuki et al.
(1997) for cohesionless soils with high fines content are similarly
unconservative in view of these new data.

The CPT-based approach can be modified to account for the
effects of nonplastic fines content on the liquefaction resistance by
using an approach similar to the one used for the SPT-based approach.
Accordingly, an equivalent clean-sand value of the corrected tip re-
sistance (¢.|ncs) can be computed as

GeiNes = Gein + Agein (77)

The expression for Ag.1y was derived to be consistent with the ap-
proximate effect that fines content has on the ratio g.n/Ngo. The
resulting expression for Ag.1n depends on both FC and ¢, y:

Agery = (5.4 n qilév)

634 9.7 < 15.7 )2 78)
- X . —
P FC+0.01 \FC+0.01

The variation of Ag.;x with FC and ¢,y according to this relation-
ship is illustrated in Figure 78.

Figure 79 compares the curve produced by this relationship for
FC > 35% with the cases examined by Moss et al. (2006) for cohe-
sionless soils with FC > 35%. Curves produced for other FC values
are shown in Figure 80.

Influence of the Plasticity of the Fines

The plasticity of the fines also influences the cyclic loading be-
havior of soils. In examining this factor, it is useful to first consider
the behavior of soils whose matrix is dominated by the fines fraction.
This fraction is believed to dominate the matrix when the FC exceeds
more than about 35-50% (e.g., Mitchell and Soga 2005).

The monotonic and cyclic loading behavior of fine-grained soils
(or soils whose behavior is governed by a matrix of fines) appears
to transition, over a fairly narrow range of plasticity indices, from
soils that behave more fundamentally like sands (“sand-like” behav-
ior) to soils that behave more fundamentally like clays (“clay-like”
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Figure 80. CPT relationships for cohesionless soils with various
fractions of nonplastic fines.

behavior), with the distinction directly corresponding to the type of
engineering procedures that are best suited to evaluating their seis-
mic behavior. For practical purposes, Boulanger and Idriss (2004)
suggest that sand-like behavior is observed for soils whose plasticity
index (PI) is less than about 7, and clay-like behavior is observed for
fine-grained soils with PI values greater than about 7. These bound-
aries are approximate, as the PI is only a proxy for the mineralogy
and other factors that affect soil behavior. Fine-grained soils that are
categorized as having clay-like behavior can still have the potential
for earthquake-induced cyclic softening or failure, but the evaluation
of that type of behavior requires the use of different engineering pro-
cedures. A more detailed discussion of criteria for categorizing soil
behaviors, and of procedures for evaluating potential cyclic softening
of clay-like soils, is in Section 6.

3.12 Probabilistic SPT and CPT Correlations for Triggering
of Liquefaction

SPT- and CPT-based probabilistic correlations for the trigger-
ing of liquefaction in sands and silty sands have been developed
by a number of researchers, including Liao et al. (1988), Liao and
Lum (1998), Youd and Noble (1997), Toprak et al. (1999), Juang
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Figure 81. SPT-based probabilistic correlations for the CRR of clean sands
for M = 7.5: (a) Toprak et al. (1999) and (b) Cetin et al. (2004, with
permission from ASCE).

et al. (2002), Cetin et al. (2004), and Moss et al. (2006). For exam-
ple, the SPT-based relationships by Toprak et al. (1999) and Cetin
et al. (2004) are presented in Figure 81, which shows the contours
of the CSR and (N1)gocs corresponding to probabilities of liquefac-
tion (Pr) whose range is 5-95%. The differences between these and
other probabilistic relationships are partly due to the use of different
statistical approaches, as well as to differences in the underlying case
history databases and relevant parameters (e.g., Cy, MSF, 74, K,
and amax). The relationships by Toprak et al. (1999) are typical of
many probabilistic relationships, in that they show a very large differ-
ence between the contours for P; = 5% and P; = 95%. In contrast,
the relationships by Cetin et al. (2004) show a considerably smaller
spread between the various contours of P; (i.e., smaller uncertainty
in cyclic strength). The smaller spread in the P; contours from Cetin
et al. (2004) is largely attributed to differences in the statistical ap-
proaches and is believed to be a more reasonable representation of
the variance in cyclic strength at a given penetration resistance.
Comparisons of probabilistic and deterministic liquefaction trig-
gering correlations by different investigators are, however, compli-
cated by biases that arise from differences in their underlying databases
and intermediate relationships (such as r;, K, Cy, etc). Thus im-
provements in methods of statistical analysis have produced a better
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estimate of variance in the liquefaction correlations, while the ab-
solute positions continue to depend on the assumed analytical
relationships.

The potential value of a probabilistic liquefaction correlation is
its eventual use in a complete probabilistic evaluation of the perfor-
mance of a structure or facility and the associated risks. This requires a
probabilistic representation of ground motion hazards, site character-
istics, liquefaction assessment, liquefaction consequences, and other
applicable attributes that may be important to the specific structure
or facility being evaluated. Fully probabilistic procedures for dealing
with these types of problems are still at different stages of develop-
ment (e.g., Kramer and Mayfield 2007) and, as they mature, they will
be a valuable addition to engineering practice.

3.13 Vi-Based Correlations for Triggering of Liquefaction

The V-based procedure has advanced significantly in recent
years, with improved correlations and more complete databases, as
recently summarized by Andrus and Stokoe (2000) and Andrus et al.
(2003). This procedure can be particularly useful for sites underlain
by soils that are difficult to penetrate or sample (e.g., gravels, cobbles,
and boulders). As such, V-based correlations provide a valuable tool
that ideally is used in conjunction with SPT- or CPT-based lique-
faction correlations, if possible. The question that arises, however,
is which methodology should be given greater weight when paral-
lel analyses by SPT, CPT, and ¥V procedures produce significantly
different results.

SPT, CPT, and V; measurements each have particular advantages
and disadvantages for liquefaction evaluations, but a particularly im-
portant point to consider is their respective sensitivity to the relative
density, Dz, of the cohesionless soil under consideration. For ex-
ample, changing the Dy of clean sand from 30% to 80% would be
expected to increase the SPT blow count by a factor of about 7.1 (e.g.,
from an (Nj)eo of 4 to 29) and the CPT tip resistance by a factor of
about 3.3 (e.g., from a g,y of 53 to 173), as indicated by empiri-
cal relationships presented in Section 3.5. Note that the apparently
greater sensitivity of the SPT to Dy, is offset by the fact that there is
normally greater uncertainty in SPT data than in CPT data. In contrast
to both the SPT and CPT, the same change in D would be expected
to change the V§ by a factor of roughly only 1.4 for clean sands, on
the basis of published correlations (e.g., Harden and Drnevich 1972),
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Figure 82. V;;-based liquefaction correlation for
clean uncemented sands (after Andrus and Stokoe
2000, with permission from ASCE).

and perhaps by a slightly greater factor for gravelly soils, on the basis
of more recent findings (Stokoe 2007).

Given that Dy is known to have a strong effect on the cyclic
and postcyclic loading behavior of saturated sand, it appears that V
measurements would be the least sensitive for distinguishing among
different types of behavior. It follows that a general correlation (as
opposed to a soil-specific correlation) between small-strain stiffness
and liquefaction behavior (which involves a larger range of strains)
might be expected to have limited accuracy. This may partly explain
why the correlation shown in Figure 82 has a large percentage of false
positives (i.e., there are nonliquefaction case history points above the
boundary line), as discussed by Liu and Mitchell (2006).

For this reason, it may be more appropriate to view the V; case
history database as providing bounds that identify conditions in which
the likelihood of liquefaction is high, low, or uncertain. As such, a
need remains for an improved understanding of V-based correlations
and an assessment of their accuracy and usability in relation to SPT-
and CPT-based correlations. In the meantime, it is recommended that
greater weight be given to the results of SPT- or CPT-based liquefac-
tion evaluations.
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3.14 Liquefaction Triggering Analyses—Examples and
Discussion

General Considerations

The characterization of a site generally involves the synthesis
of information from a variety of sources, from aerial photos to in-
situ testing. The analysis of liquefaction triggering can proceed in a
number of different ways, with the choice of an appropriate approach
depending on each site’s specific characteristics and the potential con-
sequences of liquefaction that are of greatest concern. A key challenge
is to structure the liquefaction triggering analysis in ways that appro-
priately consider the site’s stratigraphy (e.g., the primary strata and
spatial heterogeneity) and how it may relate to the potential conse-
quences of liquefaction (e.g., liquefaction of isolated random pockets
versus a continuous layer that could cause significant settlement or
could lead to sliding toward a free face).

The influences that the spatial distribution of liquefied zones
can have on the potential consequences of liquefaction are discussed
in Section 4, after the various approaches for estimating potential
deformations are presented. At this point, it is sufficient to note that
some modes of deformation for a given structure may depend more
on the average properties of specific strata, whereas other modes of
deformation may depend more on the weakest zones within the strata.

Liguefaction Triggering Analyses for a Single SPT Boring and
CPT Sounding

Examples of liquefaction triggering analyses are presented for a
single SPT boring and single CPT sounding adjacent to each other ata
site where liquefaction-induced lateral spreading was observed during
the 1989 Loma Prieta earthquake. The extension of these analyses to
an entire site must be guided by that site’s specific characteristics
and the mechanics of the potential deformation modes that are being
considered, as was noted above and is discussed in greater detail in
Section 4.

The liquefaction triggering analysis for the SPT data is plotted
in Figure 83. The analysis was performed by using a spreadsheet,
which, for ease of reference, is presented along with its cell equations
in Appendix A.

The liquefaction triggering analysis for the adjacent CPT data
is plotted in Figure 84. The analysis was also performed by using
a spreadsheet, which is presented along with its cell equations in
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Appendix B. One column of the spreadsheet specifies “interpreted
qcn” values in the sands near the contacts with softer clay layers;
these interpreted values are taken to be the ¢,y value in the sand at
a distance of about 30 cm from the interface. The results of these
analyses are compared with those for the adjacent SPT boring, from
which it is clear that they are reasonably consistent for this site.

The CPT analysis requires specification of the fines content,
which is information that is not directly provided by the CPT itself.
For this example, it is fairly straightforward to obtain the appropriate
fines contents from the laboratory test data on soil samples from the
adjacent SPT boring. For a general site investigation, it is generally
not necessary or feasible to have a boring beside every CPT sounding.
Instead, SPT borings and CPT soundings may be paired beside each
other in a few locations to establish the characteristics (including fines
content) of the major strata and to establish the correlation between
the CPT measurements and soil characteristics in the major strata.
Additional CPT soundings may then be performed at other locations,
with the fines contents estimated on the basis of the overall site char-
acterization, provided that the CPT has encountered soil conditions
comparable to those identified elsewhere at the site.

Various approaches may be used to establish a site-specific corre-
lation between the CPT data and soil characteristics (e.g., fines content
and/or plasticity), with the choice depending on the complexity of the
site and other factors. For each major stratum at a site, the borehole
data should be compiled, and the distributions of the fines content
and other index characteristics should be determined. In some cases,
it may be sufficient to simply determine the median values for fines
content and other characteristics, especially when these values show
relatively small spatial variations or the spatial variations do not af-
fect the final results. For example, boring data at the site described in
Figure 83 showed that the upper sand strata consisted of clean sands
(hence, fines content can just be set as being < 5% in the analysis)
and that the fine-grained soils of 8.4-9.1 m depth and below 11.9 min
depth consisted of high-plasticity clays (accordingly, their potential
seismic behavior is not analyzed via these liquefaction correlations).
In other strata, it may be advantageous to directly correlate variations
in soil characteristics with the values of ., Ry, or I.. For example,
the boring data at the site described in Figures 83 and 84 showed that
the fines content in the silty sand stratum at a depth of 9.1-11.9 m
increased with depth in the stratum (i.e., from 10% near the top to
21% near the bottom), which correlates directly with a progressive
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decrease in tip resistance, a progressive increase in sleeve friction
ratio, and thus a progressive increase in the /. index. Whether this
trend warrants representation via a formal correlation or a simpler
approximation depends on its importance to the specific project.

Automated Analysis Programs

Automated analytical procedures and computer software are
widely available for performing liquefaction evaluations by using SPT
or CPT data, but the user must be aware that such programs cannot
perform the essential steps of screening SPT and CPT data quality
or interpreting the overall site characteristics. The various difficulties
that can be encountered in using automated calculations, and the steps
needed to avoid such difficulties, were illustrated by Boulanger et al.
(1999) and Kulasingam et al. (1999) for CPT soundings adjacent to
the slope inclinometers at Moss Landing after the 1989 Loma Prieta
earthquake. The three slope inclinometers were at different positions
along a sloping shoreline that spread laterally toward the adjacent
channel. The displacement profiles from the inclinometers identify
the intervals over which significant shear strains, and hence liquefac-
tion, appear to have developed. Automated analyses that used only the
CPT data (i.e., point-by-point calculations with fines characteristics
estimated from general correlations with the CPT measurements) re-
sulted in erroneous predictions of strains and deformations versus
depth (e.g., Kulasingam et al. 1999). For example, measurements of
q. and f; near contacts between soils of greatly different penetration
resistances and in finely interlayered soils were not representative of
the actual soil conditions, and, as a result, the automated point-by-
point liquefaction analysis of such data at Moss Landing predicted
strains at several interfaces where no strains were observed. In addi-
tion, the default parameters for the CPT procedures by Robertson and
Wride (1998) incorrectly predicted liquefaction of a high-plasticity
silt layer. Fortunately, many of these types of common errors can be
avoided by explicit consideration of soil sample data and site stratig-
raphy, along with careful inspection of the analytical results.
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4 CONSEQUENCES OF LIQUEFACTION

4.1 General Considerations

There is a wide range of possible consequences of liquefaction,
which depends on the site conditions, the earthquake loading char-
acteristics, and the nature of any structures on the site. Such conse-
quences include deformation or instability of soil masses ranging from
mildly sloping ground to embankment slopes, increased lateral pres-
sures against retaining structures, loss of bearing support for shallow
or deep foundations, loss of lateral support for embedded structures
or piles, lurching of level ground, flotation of buried conduits or tun-
nels, and settlement caused by reconsolidation of the liquefied soils.
Photos showing a number of these consequences are in Section 1.

Three consequences of liquefaction are discussed in this section:

e Loss of shear strength, leading to instability of slopes or
embankments

¢ Lateral spreading of mildly sloping ground

 Settlement caused by reconsolidation of the liquefied soils
These three consequences were chosen because of their importance in
practice and because they illustrate the range of concerns that are often
involved and the approaches that are used to evaluate such concerns.

Factors that can significantly affect liquefaction-induced defor-
mations are discussed in previous sections and are broadly grouped
together as follows:

* Soil characteristics (e.g., relative density, gradation, fines con-
tent, age, degree of saturation, cementation, prior stress and
strain history, K,, and depositional environment)

¢ Earthquake ground motion characteristics (e.g., level of shak-
ing, duration of shaking, and frequency content of shaking
motions)
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* Site stratigraphy and topography, which affect site response,
excess pore water pressure generation and diffusion, void re-
distribution, and deformation patterns (e.g., strata thickness
and sequence, continuity of loose zones, water table elevation,
hydraulic conductivities, sloping ground surface or strata, and
proximity of a free face)

e Other complicating phenomena, such as (a) three-dimensional
effects, whereby the lateral spreading mass may be partly re-
strained by the surrounding stable soils; (b) ground cracking
that can vent water pressures and collapse water films that may
have formed underneath lower-permeability layers; and (c) the
influence of structural foundations or embedded structures

Current engineering analysis methods cannot reasonably account for
the full range of these various factors or predict the complex defor-
mation patterns observed in the field. Liquefaction analysis methods,
both for triggering and consequences, must instead sacrifice some
rigor, via various approximations or assumptions, in order to make
the analysis tractable and then attempt to quantify the uncertainty in
the predictions provided by the analysis method.

4.2 Instability and the Residual Shear Strength of
Liquefied Soil

The most severe consequences with respect to ground deforma-
tions occur when a liquefied soil’s shear strength is not sufficient to
maintain stability under static loading alone (i.e., after the earthquake
shaking is over). In this case, the static instability can result in defor-
mations that are large enough to produce a deformed geometry that
is statically stable, albeit with a much flatter slope than before. The
slide in the upstream shell of the Lower San Fernando Dam shown in
Figure 6 is a good example of such a consequence.

In discussing the shear strength of liquefied soils, it is essential to
maintain clear distinctions among the different measures of strength
that can be used in describing the in-situ stress-strain response of
saturated soils during and after strong shaking. The ultimate shear
resistance, or critical-state strength, which can be measured in an
undrained monotonic laboratory element test, may be denoted as Scg.
The QSS shear resistance, which corresponds to a local minimum
in the stress-strain curve from an undrained monotonic laboratory
element test, may be denoted as Spgs. Residual shear strength, denoted
as S, refers to the shear resistance that a liquefied soil mobilizes in
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the field, which can be complicated by void redistribution, particle
intermixing, and other field mechanisms that are not replicated in
laboratory element tests.

Procedures for estimating the in-situ strength of liquefied sand
on the basis of laboratory testing of field samples have included test-
ing of field samples obtained via frozen sampling techniques (e.g.,
Robertson et al. 2000) as well as samples obtained via high-quality
tube sampling techniques coupled with procedures for “correcting”
the shear strength for the estimated volume changes that occur during
sampling (e.g., Castro 1975, Castro and Poulos 1977, Poulos et al.
1985). Laboratory tests should approximate the field conditions as
much as possible, because the measured shear resistance will de-
pend on the consolidation stresses and direction of loading (e.g., see
Figures 11 and 13). The values of Scg or Spss obtained from the
laboratory correspond to the soil’s void ratio at the time of testing.
If the diffusion of earthquake-induced excess pore water pressures
causes the soil to become looser in some zone (e.g., Figure 43), then
the in-situ Scg of that zone would be reduced in relation to the value
measured at the pre-earthquake void ratio. The potential changes in
the in-situ Scg that are due to void redistribution and particle inter-
mixing are currently difficult to quantify, which makes it difficult to
rely on the results obtained from laboratory testing of field samples.

Empirical approaches for estimating the in-situ S, of liquefied
sand have been developed by back-analyses of liquefaction flow slides,
as first presented by Seed (1987) and since modified or amended by a
number of researchers (e.g., Davis et al. 1988, Seed and Harder 1990,
Ishihara 1993, Wride et al. 1999, Yoshimine et al. 1999, Olson and
Stark 2002). The back-calculation procedure involves performing a
post-earthquake static stability analysis of the earth structure, with
each zone of nonliquefied soil assigned a best estimate of its shear
strength, whereas the zone of suspected liquefaction is assigned an
unknown shear strength S, (with ¢, = 0). This procedure is illus-
trated in Figure 85 for the Lower San Fernando Dam. An upper bound
estimate for S, is the value that gives a factor of safety against slid-
ing equal to 1.0 for the undeformed geometry of the slope. Another
estimate for S, is similarly obtained for the final deformed geometry
of the slope, if that deformed geometry is reasonably documented.
Various procedures have been used to interpolate between these two
estimates of S, by accounting for the role of sliding inertia, evolv-
ing geometry, strength losses caused by intermixing with adjacent
water bodies, and other factors. For the Lower San Fernando Dam,
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Figure 85. Back-calculation of the residual shear strength for the
liquefied shell materials of the Lower San Fernando Dam, using limit
equilibrium analyses (after Seed 1987, with permission from ASCE).

the analyses of Olson and Stark (2002) produced S, values of about
36 kPaand 5 kPa for the undeformed geometry and the final deformed
geometry estimates, respectively, and an interpolated best estimate of
about 19 kPa. This illustrates how the interpolation of strengths be-
tween deformed and undeformed geometries is a significant step in
the interpretation of the case histories, which adds considerably to the
uncertainty in estimating S, because of the very complex mechanisms
involved.

Back-calculated S, values for the liquefied soils have been cor-
related with the pre-earthquake or post-earthquake in-situ penetration
resistance. The resulting correlations provide an implicit accounting
of the various field processes that might have affected the mobilized
shear strengths, such as void redistribution or particle intermixing
(Seed 1987). The selection of a representative penetration resistance
can be complicated by soil heterogeneity, as illustrated by the post-
earthquake CPT and SPT data in Figures 86 and 87, respectively, that
were obtained in the downstream shell of the Lower San Fernando
Dam. The variability in the CPT tip resistance illustrates the thin strat-
ification of coarser- and finer-grained soils in the hydraulic fill zones
of the dam. In representing this case history, several researchers have
used mean values from the suspected critical zone. For example, Seed
and Harder (1990) selected a representative mean post-earthquake
(N1)go value of 14.5 for the cohesionless soils in the downstream
shell from Figure 87 and then estimated that the representative mean
(N1)6o value would have been about 11.5 for the soils in the upstream
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Figure 86. Post-earthquake CPT soundings in the downstream shell of the
Lower San Fernando Dam in 1985 (section after Castro et al. 1989, CPT
data from R. Olsen).

shell before the earthquake. Other researchers have chosen penetra-
tion resistances considerably smaller than the mean value, on the basis
of arguments that the sliding may have been dominated by the weak-
est layers. Nevertheless, it is essential that the forward application
of the resulting correlation be based on the same general approach
to estimating representative penetration resistances that was used to
develop the correlation.

Seed (1987) also suggested that the effects of fines content on
S, could be approximately accounted for by correcting the measured
or estimated pre-earthquake SPT (N)go values to “equivalent clean-
sand” (N1)e0cs—sr values on the basis of the relationship

(NDgoes—sr = (N1go + A (N1)go—sr

The values of A(Np)go—sr recommended by Seed (1987), as
listed in Table 4, were based primarily on engineering judgment
because of the lack of physical data (experimental or empirical)
from which a correction can be derived—a situation that persists
today. Note, also, that these corrections for fines content are dif-
ferent from all previously adopted values for liquefaction triggering
correlations.

(79)
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Table 4 Values of A(N})go—s, recommended by Seed
(1987).

Fines content

(% passing No. 200 sieve) A(N1)go—sr
10 1
25 2
50 4
75 5
126

For more monographs, publications, or videos, visit http://www.eeri.org



Figure 88. Residual shear strength of liquefied sand versus
equivalent clean-sand SPT-corrected blow count, using the case
histories published by Seed (1987), Seed and Harder (1990), and
Olson and Stark (2002).

Eighteen case histories of flow slides attributed to liquefaction
are summarized in Figure 88 by using S, versus (N1)gocs—s- and in Fig-
ure 89 by using a normalized strength ratio S, /o, versus (N})eocs—sr
(Idriss and Boulanger 2007). The soils for these case histories had
fines content of 0-90%, and the SPT data were corrected for fines
content on the basis of the values in Table 4. Figures 88 and 89 show
the case history interpretations by three different researchers (Seed
1987, Seed and Harder 1990, Olson and Stark 2002) and categorize
the individual case histories into one of three groups. Group 1, which
includes 7 of the 18 case histories shown in these figures, has an ade-
quate quantity of in-situ penetration test measurements (SPT or CPT)
and reasonably complete geometric details. Group 2 case histories
have an adequate quantity of in-situ penetration test measurements,
but the geometric details are incomplete. Group 3 case histories have
reasonably complete geometric details, but they have only estimated
values for in-situ penetration resistances. These case histories illus-
trate the potentially severe strength loss associated with liquefaction,
but the fact that so few are well documented contributes to the sig-
nificant uncertainty in the resulting correlations for back-calculated
shear strengths.
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Figure 89. Normalized residual shear strength ratio of liquefied
sand versus equivalent clean-sand SPT-corrected blow count for
o0,. < 400 kPa, using the case histories published by Seed (1987),
Seed and Harder (1990), and Olson and Stark (2002).

The idea of correlating S, with (N})gocs—sr» as is done in Fig-
ure 88, was proposed by Seed (1987) and followed by Seed and Harder
(1990). A direct correlation between S, and (N})gocs—s- Was consid-
ered logical, on the basis of critical-state concepts (e.g., critical-state
strength at large strains is a function of void ratio alone) and es-
tablished correlations between the overburden corrected penetration
resistance and in-situ relative density. Figure 88 also shows a de-
sign relationship that falls within the range recommended by Seed
and Harder (1990) and has been widely used in practice during the
last 10 years for estimating S, on the basis of median penetration
resistance.

There are a number of advantages, however, to expressing the
S, of liquefied soil as a normalized residual shear strength ratio,
Sr/o,., a usage that has been adopted in several more recent stud-
ies (e.g., Vasquez-Herrera et al. 1990, Stark and Mesri 1992, Ishihara
1993, Vaid and Sivathayalan 1996, Wride et al. 1999, Yoshimine et al.
1999, Olson and Stark 2002, Idriss and Boulanger 2007). The use of
S, /o, rather than S, is most commonly based on the fact that S, /o7,
is more effective for describing undrained stress-strain behavior up
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to moderate strain levels in undrained monotonic laboratory element
tests. In addition, the use of S, /o, is believed to better reflect the
potential effects of strength loss that is induced by void redistribu-
tion, because of the following considerations. The shear resistance in
a loosening zone could locally diminish to zero if a water film forms,
but the average shear resistance over a large area is unlikely to be zero,
because water films can dissipate by piping into cracks that develop
as the slope deforms, and the geologic interfaces where loosening de-
velops are likely to be irregular enough to preclude continuous films
of water over large areas. The potential for void redistribution to cause
significant slope deformations decreases quickly with increasing Dg,
because a greater Dy has the combined benefits of reducing the vol-
ume of water expelled by contracting zones and increasing the volume
of water that can be absorbed by dilating zones. S, /o, values can also
be interpreted as representing small fractions of the pre-earthquake
drained strength. For example, if is assumed that tan ¢’ ~ 0.6 for
loose sands, then the S, /o, . values of 0.05-0.12 obtained from most
of these case histories are about 8-20% of the pre-earthquake drained
strength (i.e., a strength loss of 80-92% because of liquefaction). For
situations in which void redistribution is significant, it seems reason-
able to expect that the shear strength will drop to a small fraction of
the pre-earthquake drained shear strength, because the impeded pore
water seepage allows the soil to shear at a sustained low value of o,.
Thus S, /o, ratios are believed to provide a better representation of
the potential effects of void redistribution than is provided by a direct
correlation with S,., while it is recognized that neither correlation fully
accounts for the numerous factors that influence void redistribution
processes.

Figure 89 shows two different relationships for estimating S, /o,
in design. They are essentially the same for (N1)gocs—s- values less
than about 12, where they are both constrained by the available data.
It is, however, necessary to estimate residual strengths for soils that
have (N1)e0cs—s» values greater than 14, and thus the extrapolation of
the residual strength correlation beyond the limits of available data
is unavoidable. The two relationships shown in Figure 89 provide
guidance on this extrapolation for two conditions.

The upper relationship in Figure 89 corresponds to a condition
in which the effects of void redistribution can be confidently judged
to be negligible. This condition could include sites where the stratig-
raphy would not impede post-earthquake dissipation of excess pore
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water pressures, so the dissipation of excess pore pressures would be
accompanied by densification of the soils at all depths. In this case, the
available experimental data and correlations between Dy and (N1)go
for sands and silty sands indicate that the undrained shear resistance
would increase rapidly as the (N})gocs—s value approaches 15. This
relationship can be represented by the following equation:

S op [Mets-sr <<N1>6ocs_5r—16>3_3_0
g 16 21.2

vo

X (1 + exp <(N1)260f& - 6.6>> < tang’ (80)

The lower relationship in Figure 89 corresponds to conditions
in which the effects of void redistribution can be significant. This
would include sites with relatively thick layers of liquefiable soils
that are overlain by lower-permeability soils that would impede the
post-earthquake dissipation of earthquake-induced excess pore wa-
ter pressures. In this case, the trapping of upwardly seeping pore
water beneath the lower-permeability layer could lead to localized
loosening, strength loss, and possibly even the formation of water
films (Whitman 1985). This relationship can be represented by the
following equation:

i = exp (N1)60cs—sr n ((N1)60cs—Sr
o/ 16 21.2

vo

B 3
16> — 3.0) < tan¢’
81)

The potential role of void redistribution or other strength loss
mechanisms in the case histories is not fully clear at this time. Physical
and analytical models indicate that void redistribution is potentially
most severe for loose sands and is likely to have played a role in many
of the currently available case histories. This would suggest that the
two design relationships should be somewhat different at the lower
penetration resistances, but the current state of knowledge does not
provide a basis for incorporating any difference at this time.

Similar relationships for a CPT-based evaluation of S, /o, are
shown in Figure 90, along with the same case histories that were used
to develop the SPT-based relationship in Figure 89. For many of the
case histories, it was necessary to convert available SPT data into
CPT data via a combination of empirical correlations (e.g., Suzuki
et al. 1998, Cubrinovski and Ishihara 1999, Salgado et al. 1997b),
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as described in Idriss and Boulanger (2007). CPT penetration resis-
tances were then adjusted to equivalent clean-sand values by using the
Ag.1y values in Table 5, which were derived for consistency with the
SPT corrections recommended by Seed (1987). The recommended
relationships for S, /o;, can be calculated as

i — exp dclNcs—Sr _ (qclNcs—Sr>2 + <qclNcs—Sr)3 — 44D
o 24.5 61.7 106

/
vo

< tan¢’ (82)

Table 5 Approximate values of Ag.iy—s, for CPT
correlation with residual strengths.

Fines content

(% passing No. 200 sieve) Agan—sr
10 10
25 25
50 45
75 55
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for a case in which void redistribution effects could be significant,
and they can be calculated as

i — exp dclNes—Sr _ (qclNcs—Sr>2 + (qCINCS—SV)3 440
o/ 24.5 61.7 106

vo

x (1 + exp (qllNlls - 9.82)) < tang’ (83)
for a case in which void redistribution effects are expected to be

negligible.

The curves presented in Figures 89—90 are applicable to values of
o, less than 400 kPa. The appropriate S, /o, ratios foro, . > 400kPa
are expected to be smaller than those recommended in Figures 89
and 90. For example, triaxial compression test results by Yoshimine
et al. (1999) showed that S, /o, ratios at a given Dy were relatively
independent of o, up to o, values of about 500 kPa, but these ratios
decreased at higher values of ;. This effect may be approximately
accounted for by using the state-corrected penetration resistances,
(N1£)60cs—Sr OF g1 Nes—sr» in the above relationships (Boulanger and
Idriss 2004a).

The selection of representative penetration resistances for de-
termining the residual shear strengths of specific strata requires (1)
consideration of the spatial variability in relation to the scale of the po-
tential failure surface and (2) consistency with the way the empirical
correlation was developed. Slope stability depends on the cumulative
shear resistance along potential failure surfaces, so that the average
shear strength can be used over some segments of the failure sur-
face. For this reason, consideration must be given to whether the
spatial heterogeneities are random or have systematic variations that
produce weaker continuous layers or zones that could control slope
stability.

The interpretation of the SPT data from the Lower San Fernando
Dam by Seed et al. (1989) in Figure 87 illustrates how heterogeneity
was considered in developing several of the common residual strength
correlations (including those presented here). The (V)¢ values were
first separated according to primary strata and soil type; that is, SPT
data from the alluvium, hydraulic fill shell, clayey puddle core, and
fill were not commingled, and the results from the clay and sand inter-
layers in the downstream shell were not commingled. The resulting
data in Figure 87 are for only predominantly cohesionless soil samples
from the downstream hydraulic fill shell. The pattern of (N1)¢o values
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in the downstream hydraulic fill shell was then judged to be reason-
ably described by four elevation intervals, from which representative
mean values of 19, 14.5, 24, and 14.5 were identified, and then ulti-
mately a value of 14.5 was used by Seed et al. (1989) to represent the
downstream hydraulic fill at the time of the explorations.

The effect that alternative interpretations would have on the se-
lection of a representative (N1)eo can now be illustrated by recon-
sidering Figure 87. For example, indiscriminately grouping all the
hydraulic fill shell data together would produce a mean value closer
to 18, whereas further subdividing the shell into thinner elevation
intervals would produce mean values as low as perhaps 12. If 30th
percentile values were considered more appropriate than mean values,
then the representative values would have been about 16, 12, 18, and
12 for the four elevation intervals, respectively; about 14 if the shell
data were lumped together; and as low as about 11 if the shell were
divided into significantly more elevation intervals. The approach, and
the resulting representative values, used by Seed et al. (1989) and Seed
and Harder (1990), as plotted in Figure 87, are considered more rea-
sonable, given the scale of the subintervals in relation to the potential
failure mechanism (i.e., Figure 85).

4.3 Lateral Spreading Deformations

Deformation Patterns and Spatial Heterogeneity

Liquefaction-induced lateral spreading can produce very com-
plex deformation patterns, as illustrated by Figures 91 and 92 . Lateral
spreading toward any open channel or face can occur in mildly sloping
ground and extend to very large distances away from the open face.
Displacement magnitudes within lateral spreads can exhibit strong
spatial variations, both with distance from a free face and with posi-
tion parallel to a free face.

Subsurface heterogeneity in soils has a strong influence on the
magnitude and distribution of liquefaction-induced ground deforma-
tion. For example, Holzer and Bennett (2007) used several case his-
tories to illustrate how the boundaries of lateral spreads are often de-
termined by subsurface geologic or hydrogeologic conditions, such
as abrupt changes in geologic facies (e.g., edges of buried channel
sands or edges of fills) or transitional changes in soil characteris-
tics (e.g., fines content). Similarly, variations in deformations within
lateral spreads can often be related to observed variations in the sub-
surface soil and groundwater conditions.
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Figure 91. Complex deformation patterns in a lateral spread (Rauch 1997).

The importance of understanding the potential distribution of
liquefied zones is illustrated by a simple example, shown in Fig-
ure 93. The simple building in Figure 93a is supported on spread
footings over a deposit that is expected to develop liquefaction in
scattered discontinuous pockets throughout the subsurface. In this
case, the site would be more resistant to lateral spreading because the
liquefied pockets are restrained by the surrounding nonliquefied soils,
while individual footings may still experience significant amounts of
vertical settlement. Figure 93b shows the same building, but with
a continuous liquefied layer having been identified across the entire
building footprint. The volume of liquefiable sand in Figures 93a and
93b may be about the same, but the fact that 93b has a continuous
layer means that the soil is more susceptible to instability or lateral
spreading toward the channel on the right. The example in Figure 93¢
is similar to that in Figure 93b, except that the liquefiable layer is
bounded on the right by nonliquefiable soils rather than by an open
channel. In this situation, the magnitude of transient and permanent
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Figure 92. Lateral spreading in Golcuk that occurred during the 1999
Kocaeli earthquake (photo: GeoEngineering Earthquake Reconnaissance
Association).

lateral ground displacements caused by liquefaction would be ex-
pected to be smaller than when there is an adjacent open channel.
Vertical settlement of the structure’s footings would be expected to
be more uniform for 93¢ than for 93a, because the liquefiable soils
are deeper and are overlain by a thicker nonliquefiable layer. Vertical
movements for 93b would include contributions from reconsolidation
of the liquefied zones and the effects of lateral spreading or slumping
along the channel, and thus the structure’s footings could experience
particularly uneven settlement. These types of considerations are im-
portant for the effective selection and use of analytical methods and
are discussed further in subsequent sections.

Approaches for Estimating Lateral Spreading Displacements
A number of approaches have been proposed for estimating lat-
eral spreading displacements. Four of these approaches are presented
here, to illustrate both the range and types of approaches that can be
useful in different situations:
 Estimate the permanent shear strains that are expected within
the liquefied zones (and nonliquefied zones, if warranted) and
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Figure 93. Spatial distribution of liquefied zones beneath a structure:

(a) isolated pockets, (b) a layer with potential for lateral spreading toward a
nearby free face, and (c) an isolated layer beneath level ground without the
potential for lateral spreading.

then integrate those shear strains over depth to obtain an esti-
mate of the potential lateral displacement at the ground surface.
The estimated lateral displacement may also be empirically ad-
justed on the basis of calibration to case history observations.

 Estimate the permanent ground surface displacement via pri-
marily empirical models that were derived by regression against
past observations of ground displacements and which incor-
porate input parameters that appear to strongly influence the
observed displacements.
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e Compute permanent ground surface displacements via a
Newmark sliding block analysis, in which displacements are
expected to occur whenever the inertial forces from shaking
cause the factor of safety against instability to become tem-
porarily less than unity.

¢ Perform detailed nonlinear dynamic analyses and postshaking
nonlinear static analyses.

Each of these approaches involves significant simplifications whose
result is that certain physical mechanisms of lateral spreading are not
explicitly accounted for. These simplifications contribute to the un-
certainty in the predicted lateral displacements, which is the price
paid for arriving at a tractable means for exploring the likely range of
expected ground displacements in engineering practice.

Estimated Shear Strain Potentials

Conceptually, the permanent lateral displacement (LD) at the
ground surface can be computed by numerically integrating the ex-
pected shear strains (y) versus depth, as

LD = /y-dz (84)
0

This approach is a one-dimensional simplification of the strain po-
tential procedure developed by Seed et al. (1975a) for estimating
liquefaction-induced displacements in earth dams. This general ap-
proach has been used extensively in research and practice in a number
of forms. Commonly, the relationships for predicting shear strains are
based on laboratory test data, subject to certain modifications that are
based on other considerations (e.g., Seed 1979). For lateral spread-
ing problems, the computed ground displacement is then sometimes
modified for the effects of other influencing factors (e.g., distance
from the free face), which may be identified through comparisons
with empirical field observations (e.g., Tokimatsu and Asaka 1998,
Shamoto et al. 1998, Zhang et al. 2004, Faris 2004, Faris et al. 2006).

Maximum shear strains that develop during undrained cyclic
loading in laboratory tests have been related to the factor of safety
against the triggering of liquefaction by Ishihara and Yoshimine (1992).
Their relationships are shown in Figure 94, along with the results of
undrained cyclic simple shear tests by Nagase and Ishihara (1988)
on clean reconstituted sand with no initial static shear stress and
with irregular unidirectional and multidirectional loading. Figure 94
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Figure 94. Relationship between the maximum shear strain and
the factor of safety against liquefaction, on the basis of undrained
cyclic simple shear tests on clean reconstituted sand at different
relative densities (after Ishihara and Yoshimine 1992).

illustrates that the consequence of having a factor of safety of less
than 1.0 against triggering “liquefaction” (i.e., r, = 100% or a max-
imum shear strain of 3.5% in this plot) is much more severe for loose
sands than for dense sands.

The maximum shear strains that occur at low factors of safety
against liquefaction tend toward limiting values (for practical pur-
poses) that decrease as the relative density of the sand increases. This
relationship between limiting shear strains and (N1)¢ values is given
in the upper portion of Figure 95. The hatched zone in this figure
represents the range estimated by Seed et al. (1984) for earthquake
loading conditions. That range is based on the consideration of several
sources of information, including laboratory test results for sand sam-
ples obtained via frozen sampling techniques (Yoshimi et al. 1994)
and expert opinions about the influences of laboratory test limitations
(e.g., natural versus reconstituted soils and stress and strain nonuni-
formities that cause unreasonably large strains in certain cases) (Seed
1979b).

The maximum shear strains that are expected for various combi-
nations of earthquake-induced CSR and (Nj)go.s values can then be
plotted alongside liquefaction correlations, as shown in Figure 95b
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Figure 95. SPT-based liquefaction correlations for clean sands with
M = 7.5 and o), = 1 atm: (a) limiting shear strains and (b) contours
of maximum shear strains.

for the SPT and Figure 96 for the CPT. These figures were generated
by combining the relationship from Figure 94, subject to the limiting
strain values from Figure 95a, with the CRR-(N)g0cs and CRR-g.1 yes
relationships presented in Section 3. The use of these relationships
for sands having a range of fines content has generally been assumed
to be approximately accounted for by the use of the equivalent clean-
sand penetration resistances. Shamoto et al. (1998) produced alterna-
tive SPT relationships for sands with 0%, 10%, and 20% fines, and
the differences among these relationships are relatively minor when
the overall accuracy of the methodology is considered. For practical
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Figure 96. CPT-based liquefaction correlation for clean sands
with M = 7.5 and 0,, = 1 atm, showing contours of maximum
shear strains.

purposes, the use of a single CSR-(N1)60cs — Ymax (0r CSR-gc1nes —
¥max) relationship for various fines content as shown in Figures 95
and 96 is considered a reasonable approximation.

The above relationship among maximum shear strain, CSR, and
SPT (N1)e0cs is compared with similar relationships recommended by
Tokimatsu and Asaka (1998) and Wu (2002) in Figure 97. Figure 97
compares the curves for maximum shear strains of 5%, 20%, and
50%. The spread among these different relationships, as well as the
scatter in the Figure 94 data, indicate the uncertainty inherent in these
types of generalized relationships.

The lateral spreading displacement that is calculated by integrat-
ing maximum shear strains versus depth represents a measure of the
potential maximum displacement, for which Zhang et al. (2004) sug-
gested the term “lateral displacement index” (LDI). The value of LDI
is then computed as

LDI = / Vs - d (85)
0

where the maximum shear strains can be estimated by using the above
relationships. A sample spreadsheet calculation of LDI is described
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Figure 97. Comparison of the relationship among CSR, SPT
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shear strain.

in Section 4.5. Actual lateral displacements that occur will depend on
several other factors, as previously noted (e.g., ground slope, spatial
heterogeneity, distance from a free face, and restraint from embedded
structures).

For spreadsheet calculations, the limiting shear strain (y4ip, ) cor-
responding to about the midrange of the hatched zone in Figure 95
can be approximated as

3
(N1)60cs
46

Vim = 1.859 | 1.1 — >0 (86)

This expression for pyi, can also be expressed as a function of Dy or
CPT penetration resistances by using the previously presented corre-
lations between penetration resistances and Dg. The corresponding
equations become

Yim = 1.859 (1.1 — Dg)* > 0 (87)
and

3
Vim = 1.859 (2.163 —0.478 (qclNcs)0'264) >0 (88)

141

For more monographs, publications, or videos, visit http://www.eeri.org



At very low relative densities, equations 86—88 indicate very
large maximum shear strains consistent with the expectation that un-
limited shear strains may develop if the residual shear strength is low
enough that a flow slide (instability) develops. However, the effect of
a single low (N} )e0cs value can be overstated by the one-dimensional
approximation underlying the LDI calculation, and thus the value of
Yim may also be limited to about 50% for computing LDI from in-
dividual borings or soundings. If loose sands are pervasive at a site,
then the computed LDI will probably still be large, and the potential
for instability must be checked separately.

The maximum shear strain for a given factor of safety against
liquefaction can then be estimated by combining expressions that
approximate the curves in Figure 94 (e.g., Yoshimine et al. 20006)
with the additional constraint of a limiting shear strain (Figure 95).

F, = 0.032 +4.7 Dz — 6.0 (Dg)? (89)
Ymax =0 if FS, >2 (90)
. 1 — Fy
Ymax = min (yhm, 0.035 (2 — FSiiq) (M))
if 2> FSiq> Fy oD
Ymax = Vim if  FSiiq < Fy 92)

The Dy should be limited to values > 0.4 for use in equation 89. These
expressions can similarly be used with SPT and CPT penetration
resistances by substituting the correlations with Dy into the term
Fy as

Fy = 0.032 4 0.691/ (N1 goes — 0.13 (N1 g00s (93)

with (N1)eocs limited to values >7 for use in this expression, and
Fy = —11.74 4 8.34 (qeines) " = 1.371 (qeine) ™™ (94)

with g.1n¢s limited to values >69 for use in this expression.

A key step in estimating lateral spreading displacements is ac-
counting for the effects of site heterogeneity, especially in complex
depositional environments or with limited site characterization data.
For example, consider the schematic in Figure 98. It shows an ex-
isting building and pipeline along a shoreline, with the site having
been characterized by eight borings around the building perimeter.
The LDI may be computed for each of the borings individually and
then depicted as vectors in the plan view, as shown in Figure 98a.
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In Case I (Figure 98b), all the borings indicated a significant
potential for lateral spreading (via their LDI values), and thus a lateral
spread might be expected to encompass the entire building.

In Case II (Figure 98c¢), only borings 3, 4, and 5 along one side of
the building indicated a significant potential for lateral spreading dis-
placements, whereas the other borings indicated that no liquefaction
would be expected. In this case, the lateral spreading may be more
localized, but it may still damage the building. In characterizing the
liquefiable layer, it could have been unconservative to have included
data from the other borings. That is, if the data from all borings were
plotted together and the profile were characterized via some percentile
value of the penetration resistances, then the other borings would have
given the impression of a denser representative condition.

In Case III (Figure 98d), only boring 1 identifies a potentially
liquefiable layer and may identify the potential for an even more
localized lateral spread that extends under the building corner. In this
case, the lateral spread would be correctly characterized only by the
single boring, and any averaging with other borings would clearly have
been misleading. Case III is also an important situation to consider
when evaluating the pipeline’s vulnerability, because the prediction
of liquefaction at any one boring along its alignment could indicate a
localized lateral spread that could impair the pipeline.

In contrast, consider Case IV (Figure 98e), in which liquefaction
is predicted only within a limited depth interval at boring 7 (on the
landward side of the building) and not at any other boring location.
It would be reasonable to conclude that liquefaction in a localized
pocket at boring 7 may lead to building settlement but not significant
lateral spreading at the site.

The variation of maximum shear strains with depth can also
affect whether they are fully manifested as lateral spreading displace-
ments at the ground surface. Chu et al. (2006) analyzed a number of
case histories involving lateral spreading toward a free face of height
Hyr (about 3 m) and concluded that the computation of LDI could be
restricted to a maximum depth of zp,x = 2Hy, because the soils at
larger depths (e.g., more than Hy below the bottom of the adjacent
channel) would be sufficiently constrained against lateral movements
that they would contribute relatively little to lateral movements at
the ground surface. This can be a reasonable guideline for some sit-
uations, particularly when the loosest strata are included within the
limits of zyax. [t may not be appropriate to fully rely on this guideline,
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however, when Hy is small (e.g., less than about 3 m) or when its strict
application causes a large reduction in the computed LDI (e.g., when
a thick, loose stratum exists beneath 2 Hy).

Lateral displacements within a laterally spreading mass will also
generally decrease with distance from a free face, as has been observed
in many case histories. The variation in LDs with distance from the
free face (L) has been related to the ratio of L to the depth to the
bottom of the liquefied layer (H) by Youd et al. (2002) and Zhang
et al. (2004) and to the magnitude of the lateral displacement at the
free face (LD,), excluding the effects of any local instabilities at the
free face, by Tokimatsu and Asaka (1998). Taken together, these data
and relationships suggest that the LD may be expected to reduce to
about half of the LD, at a distance of L/H ~ 5-20 and to less than
about 20% of the LD, at a distance of L /H > 20, if the lateral spread
is that large. Patterns of displacements at many sites are, however,
more strongly controlled by local instabilities near the free faces, the
influence of embedded structures, and the presence of geologic or
hydrogeologic controls (e.g., Holzer and Bennett 2007). For these
reasons, it is useful to map LDI values as illustrated in Figure 98
and interpret the expected pattern of displacements, after which the
representative values of LDI may be adjusted for the effect of distance
from a free face.

Empirical calibrations of LDI procedures against case histories
have also been presented by Shamoto et al. (1998), Tokimatsu and
Asaka (1998), Zhang et al. (2004), and Faris et al. (2006), in which
adjustment factors were derived that depend primarily on geomet-
ric considerations (Shamoto et al.1998, Tokimatsu and Asaka 1998,
Zhang et al. 2004) or static shear stress ratio and earthquake magni-
tude (Faris et al. 2006). The adjustment factors depend on the under-
lying procedures for computing LDI, and thus the adjustment factors
derived with one set of procedures cannot be generalized for use with
other procedures. In many situations, the uncertainty in estimating
lateral displacements will be dominated by geologic heterogeneity,
site characterization limitations, and the many other approximations
inherent in the prediction of liquefaction triggering and computation
of an LDI. Despite these uncertainties, the LDI values from a set of
borings and soundings at a site provide valuable insight for judging
the spatial distribution and progressive increase in ground displace-
ments with varying levels of seismic demand, as are illustrated by
examples in Section 4.5.
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Empirical Relationships

Empirical models for lateral spreading displacements have been
developed by using regression techniques with compiled data from
lateral spreading case histories. Table 6 summarizes the input vari-
ables used by three of these types of empirical models. The seis-
mic loading is accounted for in all three models by including the

Table 6 Empirical models for lateral spreading displacements and
their input variables.

Bartlett and Youd (1995), Youd et al. (2002)
M = earthquake moment magnitude
R = nearest horizontal distance from the site to the seismic energy source
Ts = cumulative thickness of saturated granular layers with (N})g < 15
Fs = average fines content (% passing a No. 200 sieve) within the 75 soils
D505 = median grain size for granular soils within 75
W = height of the free face (H) divided by the distance (L) from the base

of the free face to the point of interest

S = ground slope for sites without a free face

Rauch and Martin (2000)
M = earthquake moment magnitude
R = nearest horizontal distance to the surface projection of a fault rupture
or zone of seismic energy release
amax = peak horizontal surface acceleration that would occur in the absence
of excess pore pressures
T, = duration between the first and last occurrence of surface acceleration
>005¢g
Lgige = maximum horizontal length of a lateral spread in the prevailing
direction of movement
Siop = average slope across the surface of a lateral spread, from head to toe
Hp,ee = height of the free face, measured vertically from the toe to the crest
of the free face
Zrsmin = average depth to the minimum factor of safety in potentially
liquefiable soil
Zji, = average depth to the top of liquefied soil

Bardet et al. (2002a)
M = earthquake moment magnitude
R = nearest horizontal distance from the site to the seismic energy source
T1s = cumulative thickness of saturated granular layers with (V)¢ < 15
W = height of the free face (H) divided by the distance (L) from the base
of the free face to the point of interest
S = ground slope for sites without a free face
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earthquake moment magnitude and a measure of distance to the earth-
quake source as input variables, whereas the model by Rauch and
Martin (2000) also includes the peak ground surface acceleration and
shaking duration. The topographic conditions are accounted for in
all three models by including measures of the ground surface slope,
height of a free face, and length of the lateral spread (or distance from
the free face to the point of interest). Subsurface soil conditions are
accounted for differently by the three models: Bardet et al. (2002a)
use only the cumulative thickness (775) of saturated granular layers
with (Ny)eo less than 15, Bartlett and Youd (1995) and Youd et al.
(2002) use 715 along with the average fines content and median grain
size within the 775 soils, and Rauch and Martin (2000) use the aver-
age depth to the top of the liquefied soil and the average depth to the
minimum factor of safety against liquefaction.

The accuracy of these empirical models, which are roughly com-
parable, is illustrated by the results for the Youd et al. (2002) model in
Figure 99, which shows measured versus computed lateral spreading
displacements. The majority of the data fall within a factor of 2 from
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Figure 99. Measured versus predicted displacements
for the empirical multilinear regression model by
Youd et al. (2002).

147

For more monographs, publications, or videos, visit http://www.eeri.org



the predicted values, although there are numerous cases with much
larger differences.

These current empirical models are based on databases that do
not cover the full range of conditions encountered in practice, and the
forms of the models are not constrained by any theoretical basis for
extrapolation beyond that database. The use of these models therefore
requires full awareness of the limits of the supporting case history
database.

Newmark Sliding Block Analysis

Ground surface displacements may also be computed by using
a Newmark sliding block type of analysis, wherein the soil mass is
assumed to incrementally slide (displace) when the shaking-induced
inertial forces cause the total shear stress to exceed the available shear
strengths (Newmark 1965, Goodman and Seed 1966). The slide mass
will slip in relation to the underlying base soils whenever the total
shear forces (static plus inertial forces) exceed the available shear
resistances from the soils. The inertial force at yield (the onset of
sliding) is described by the yield acceleration (a, ), which is simply the
inertial force at yield divided by the slide mass. The sample Newmark
sliding block type of analysis in Figure 100 is for a case in which the
yield acceleration was modeled as decreasing during the process of
shaking.

There are coupled and decoupled methods for performing the
sliding block calculation, and each is suited to different types of appli-
cations. The coupled method explicitly includes the effects of sliding
on the dynamic response of the soil mass above the slip surface, and
it directly solves for the relative slip along the slip surface. In the cou-
pled analysis, the shear stress (static plus dynamic) on the slip surface
is limited by the soil’s shear strength, and the maximum inertial force
(or equivalent average acceleration) of the sliding mass is limited by
the yield acceleration. The decoupled method computes the dynamic
response of the soil column without including slip along the fail-
ure surface, and therefore the computed maximum inertial force (or
equivalent average acceleration) can exceed the value at the yield
acceleration. In a decoupled analysis, the relative slip (normally con-
strained to one direction only) is then computed by double-integrating
the difference between the computed acceleration for the slide mass
and its yield acceleration. The decoupled method has been used, for
example, in combination with equivalent-linear dynamic finite ele-
ment analyses that cannot directly model permanent deformations.
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Figure 100. Schematic of a Newmark sliding block
analysis, with the soil’s shear strength and
corresponding yield acceleration decreasing during
shaking (after Idriss 1985, adapted from Goodman
and Seed 1966, with permission from ASCE).

Differences in the displacements computed via coupled and de-
coupled methods depend on the characteristics of the soil mass and
ground motions (e.g., Lin and Whitman 1983, Gazetas and Uddin
1994, Kramer and Smith 1997, Rathje and Bray 2000). The decoupled
method produces reasonable estimates of displacements for many
practical situations, given the uncertainties in other aspects of the
analysis. Note that the coupled and decoupled methods produce iden-
tical results if the slide mass is considered to behave rigidly.

A number of researchers have developed regression models for
the magnitude of the sliding block displacement when the yield
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Figure 101. Sliding displacements for an essentially rigid block, on the
basis of the regression model of Bray and Travasarou (2007).

acceleration and certain characteristics of the ground motion are
given. Ground motion characteristics play a dominant role in these
computations, which means that the various relationships proposed
over the years depend considerably on the database of ground mo-
tion recordings that were available at the time. The model by Bray and
Travasarou (2007), which was based on a very large set of ground mo-
tion records, was used to generate the plots in Figure 101, which shows
the influence of various parameters on the computed displacements
for one-way sliding of an essentially rigid soil mass. Figure 101a
shows median displacements for an M = 7.5 earthquake for a range
of peak accelerations and yield accelerations. Figure 101b shows that,
for the same peak acceleration and yield acceleration, the slip dis-
placements increase with increasing earthquake magnitude (which
reflects the influence of earthquake magnitude on duration and fre-
quency content). Figure 101c shows that variability in ground mo-
tion characteristics, even at the same earthquake magnitude and peak
ground acceleration, has a very large effect on sliding displacements.
For example, the +10 results correspond to displacements that are
1.93 and 0.52 times the median value.

Sliding block models are a crude approximation of the deforma-
tion processes that occur as a consequence of liquefaction. The un-
derlying assumptions of rigid-plastic shear resistance and slip along a
discrete sliding surface have little resemblance to the actual deforma-
tion mechanisms in most situations. Lateral spreading problems are
particularly challenging, with additional complications arising from
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the low levels of driving shear stress beneath mildly sloping ground
and the sensitivity of analytical results to the assumed residual shear
strengths. For these and other reasons, it is not very common to use
sliding block models for lateral spreading problems. Sliding block
models do, however, have the advantage of being easily extended to
the analysis of slopes or embankments where failure surfaces may
pass through both liquefied and nonliquefied soils and may also be
influenced by restraining forces from structural elements (e.g., pile
foundations). Newmark sliding block models are useful for obtaining
an approximate estimate of the expected deformations.

Nonlinear Analyses

Nonlinear dynamic analyses, using finite element or finite dif-
ference methods, provide a powerful tool for evaluating the effects of
liquefaction on structures. These types of analyses require a high level
of expertise with computational methods and considerable effort to
perform, but they are often invaluable for addressing complex prob-
lems and are increasingly being used on larger projects. Coverage of
this important aspect of liquefaction analysis is, however, beyond the
scope of this monograph.

The accuracy of any nonlinear analysis depends directly on the
site characterization, its simplified representation for analysis, the cor-
relations used to derive soil properties from in-situ test data, the de-
tails of the constitutive models and their numerical implementation,
the importance of phenomena that are not included in the numerical
model (e.g., ground cracking or water films), and the selection of input
ground motions. For these reasons, the sophistication of a nonlinear
analysis does not necessarily translate into a high degree of accuracy
in predicting deformations.

Nonetheless, nonlinear analyses make it possible to investigate
complex interaction mechanisms that are otherwise difficult to assess.
For example, nonlinear analyses can assess the sensitivity of earth dam
deformations to varying extents of ground improvement in the dam’s
foundation or assess the dynamic interaction between pile foundations
and laterally spreading ground. Nonlinear analyses are particularly
valuable for identifying likely patterns of deformation and how they
might affect the performance of a structure. In such cases, nonlinear
analyses, which should always include appropriate sensitivity studies,
can provide valuable insight for more refined decision making, even
if the final estimates of ground deformations are still uncertain.
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Judgment in Estimating Lateral Spreading Displacements

None of our available analytical methods capture or account for
all the physical mechanisms that influence lateral spreading, and un-
doubtedly this further limits such methods’ ability to accurately pre-
dict displacements. Using a more rigorous model does not guarantee
more accuracy, because the practical limitations in our ability to ac-
curately characterize natural deposits, the complexity of localization
processes (e.g., water film formation and ground cracking), and the
inherent uncertainty in ground motion characteristics may dominate
the overall uncertainty in any lateral spreading prediction.

The final estimation of ground surface displacements in an area
or earth structure affected by liquefaction can benefit from calculating
the expected displacements via more than one approach, evaluating
the computed displacements’ sensitivity to the input parameters, con-
sidering how the limitations of each method relate to the situation at
hand, considering the site’s similarity to case histories, and exercising
appropriate engineering judgment. The final estimate of ground sur-
face displacement should be conveyed to all affected parties as being
unavoidably approximate. The ground displacement consequences
for any overlying or embedded structures will affect the degree of
conservatism that is required in dealing with the uncertainty in the
estimated ground surface displacements.

4.4 Post-liquefaction Reconsolidation Settlement

Vertical displacements can develop in two primary ways: (1) set-
tlement caused by reconsolidation of the liquefied soil and (2) vertical
displacements caused by shear deformation of the soil associated with
lateral spreading. This section addresses only settlement caused by
reconsolidation. The potential effect of vertical displacements caused
by shear deformation of the soil, however, must be recognized as po-
tentially dominating in areas of lateral spreading.

The post-liquefaction reconsolidation strains are computed by
using relationships that are largely derived from laboratory studies
but which have been found to provide reasonably good agreement
with field observations (Lee and Albaisa 1974, Tokimatsu and Seed
1987, Ishihara 1996). One approach was developed by Ishihara and
Yoshimine (1992), who observed that the volumetric strains that oc-
cur during post-liquefaction reconsolidation of sand samples were
directly related to the maximum shear strains that developed dur-
ing undrained cyclic loading and to the initial relative density of the

152

For more monographs, publications, or videos, visit http://www.eeri.org



5 T T T T T T T T T T
Ishihara & Yoshimine (1992): l
I Irregular cyclic simple shear, 40%
o uni- and multi-directional, o o |
% 4 |- Fuji river sand. — | 5
%5 O Dgr~47% @ o o
\e B 509
] 9;) A Dg~73% |/’
LY 3k 0 D.~93% ~ |
g5 7 2609
2L ‘ S 60%
] L
=3 a |
T = r,~100% A
S8 Skt J/ e 70%
% 2 AL A L% A |
S8 A . 80%
ge e B e
> Dg =90%
S ) R
3 1 Al
~ [m)
o 2 a
0 . N N N N N N
0 2 4 6 8 10 12 14 16

Maximum shear strain during undrained loading, Y ax (%)

Figure 102. Relationship between post-liquefaction volumetric
strain and the maximum shear strain induced during undrained
cyclic loading of clean sand (after Ishihara and Yoshimine 1992).

sand, as illustrated in Figure 102. Their recommended relationships
can be reasonably approximated by using the following expression
(Yoshimine et al. 2006):

gy = 1.5 - exp (—=2.5Dpg) - min (0.08, Ymax) (95)

in which both Dy and shear strain are in decimal. This equation can
also be expressed in terms of SPT and CPT penetration resistances,
as follows:

&y = 1.5 exp <—0-369\/(N1)600s> -min (0.08, ¥max)  (96)
or

gy = 1.5 - exp (2.551 1147 (chcs)““) - min (0.08, Vimax)
CH)

with g1 n¢s limited to values > 21 for use in this expression.

These results can be coupled with those in Figure 94 to arrive
at a relationship between post-liquefaction volumetric strains and the
factor of safety against liquefaction for different initial relative den-
sities. The plot in Figure 103 was produced this way by Ishihara and
Yoshimine (1992), although it should be noted that the strict coupling
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of the prior two relationships would produce sets of curves that cross
over each other near a factor of safety of unity. Correlations with rela-
tive density were used to assign SPT and CPT penetration resistances
to each curve.

The post-liquefaction volumetric strains (e,) for various com-
binations of earthquake-induced CSR and (N1)eocs values can now
be plotted along with the liquefaction correlations, as shown in Fig-
ure 104 for the SPT and Figure 105 for the CPT. These figures were
generated by combining the relationships from Figure 94 and Fig-
ure 102 with the CRR-(N})g0cs and CRR-g.1y,s relationships pre-
sented in Section 3.10. As discussed for shear strains, the use of these
relationships for sands having a range of fines contents is approx-
imately taken into account by the use of the equivalent clean sand
penetration resistances. This approximation is considered reasonable
for practical purposes.

The above relationship among post-liquefaction volumetric
strains, CSR, and SPT (N)gocs 1S compared with similar relation-
ships recommended by Shamoto et al. (1998) and Wu (2002) in
Figure 106. Figure 106 compares the curves for post-liquefaction
volumetric strains of 1%, 3%, and 5%. The spread among these
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different relationships, as well as the scatter in the Figure 103 data,
indicate the uncertainty inherent in these types of generalized rela-
tionships.

The ground surface settlement for one-dimensional reconsoli-
dation (i.e., no lateral spreading movements) is then computed by
equating the vertical strains to the volumetric strains (as is appro-
priate for one-dimensional reconsolidation) and then integrating the
vertical strains over the depth interval of concern:

Zmax
Sy—1p = /sv -dz (98)
0

The consequences of one-dimensional post-liquefaction reconsolida-
tion settlement depend on the spatial distribution of liquefied zones
and the type of structure being evaluated. For example, the discontin-
uous pockets of liquefied sand beneath the building on spread footings
in Figure 93a could cause an erratic pattern of ground surface settle-
ment. The worst scenario in this case is the occurrence of a liquefied
pocket immediately below one spread footing that subsequently set-
tles significantly (perhaps aggravated by a bearing failure instability)
while an adjacent spread footing hardly settles at all. Such a sce-
nario produces the worst estimate of differential settlement for the
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structure’s spread footings, which is what most affects the structure’s
performance, and the potential for such settlement must be considered
in design.

The consequences of one-dimensional settlement may, however,
be largely mitigated by the presence of a thick nonliquefied layer
above the liquefied soils (e.g., Ishihara 1985, Naesgaard et al. 1998,
Bouckovalas and Dakoulas 2007). For example, consider the building
in Figure 93c; the limited lateral extent of the liquefiable layer and
the absence of a nearby free face or channel limits the potential for
lateral spreading displacements. A thick nonliquefied layer between
the building’s footings and the liquefied stratum may act as a bridging
layer that arches or redistributes stresses and therefore results in more
uniform ground surface settlement. In this manner, a well-constructed
building on shallow foundations may settle slightly but not suffer any
damage, because the differential settlement is small.

Figure 107 indicates the benefit of a thick nonliquefied surface
layer overlying the expected interval of liquefaction, as postulated by
Ishihara (1985) by using a number of post-earthquake observations
of ground surface damage patterns. Figure 107 distinguishes between
ground surface damage and the absence of such damage. As such, the
information in this figure can be used to examine the reduction in
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Figure 107. Combinations of nonliquefied surface layer thickness,
liquefied layer thickness, and peak ground surface acceleration that
distinguish between ground surface damage and the absence of such
damage (Ishihara 1985).
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consequences associated with one-dimensional reconsolidation set-
tlement and ground surface distress in areas where there is no lateral
spreading. The content of this figure is not applicable where lateral
spreading or instability can develop along underlying liquefied strata,
such as in Figure 93b, or where transient lateral displacements (lurch-
ing) of the overlying crust may impose loads on pile foundations or
embedded structures.

The effects of post-liquefaction ground surface settlement are
different for structures supported on pile foundations than for struc-
tures on shallow foundations. As an example, Figure 108 shows post-
liquefaction ground surface settlement around the pile foundations of
a rail viaduct on Port Island after the 1995 Kobe earthquake. Ground
surface settlement was 30-60 cm in the area shown in the photo,
and yet the settlement was sufficiently uniform that no ground sur-
face ruptures or distortions were evident away from the piles. The
relative uniformity of settlement is attributable to the approximately
4-m-thick nonliquefied surface layer overlying the relatively uniform
loose fill materials that liquefied. Settlement caused by liquefaction
in other earthquakes, however, has generally been far less uniform
and hence potentially more damaging than at this site.

Figure 108. Liquefaction-induced ground surface settlement around
pile-supported viaduct bents on Port Island after the 1995 Kobe earthquake.
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Light buildings supported by shallow foundations on Port Island
appeared to be relatively undamaged by the ground settlement. The
uniformity of the ground surface settlement produced relatively small
differential settlement or angular distortions for these buildings, which
explains the absence of significant damage to the buildings.

Larger buildings supported on sufficiently strong pile founda-
tions also appeared to experience relatively small settlement and thus
did not suffer any structural damage induced by differential settle-
ment. Nonetheless, the differential ground settlement in the vicinity
of buildings caused extensive damage to utility connections and dis-
rupted them. In addition, it is suspected that the settling ground would
have induced significant down-drag loads on the piles, which is an
aspect that should be considered in designing piles for use in areas of
liquefaction.

4.5 Examples of Lateral Displacement and
Settlement Calculations

Sample Calculations for Single SPT Borings or CPT Soundings

A sample calculation of the LDI and reconsolidation settlement
is presented for the same SPT boring from Moss Landing State Beach
that was used in the sample liquefaction analysis shown in Figure 83
and Appendix A. The analytical steps include computing the max-
imum shear strains and volumetric strains, which makes it possible
to compute the LDI and one-dimensional reconsolidation settlement
(Sy—1p) atthe same time. The spreadsheet computation of these quan-
tities is in Appendix C, showing primarily the steps that must be added
to those in Appendix A. The computed strains are then plotted versus
depth in Figure 109. For this example, the interval at depths of 1.8—
5.2 m has an average volumetric strain of about 4%, the interval at
depths of 10.0-11.9 m has an average volumetric strain of about 3%,
and the other intervals have considerably smaller expected strains.
Thus the expected one-dimensional reconsolidation settlement of
0.22 m is largely due to the computed changes in thickness for these
two depth intervals—that is, (0.04)(3.4 m) + (0.03)(1.9 m) = 0.19 m.

The sensitivity of the predicted ground deformations to various
parameters should be evaluated as part of the analysis. For example,
the effect of peak horizontal ground surface acceleration (amax) on
the computed LDI and one-dimensional reconsolidation settlement
(Sy—1p) is shown in Figure 110 for two locations at the Moss Landing
State Beach during the 1989 Loma Prieta earthquake. The results for
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Figure 110. Effect of peak ground acceleration on the computed LDI and
Sy—1p at two locations along the Moss Landing State Beach access road
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the entrance kiosk are for the same SPT boring in Figure 109 and
the adjacent CPT sounding in Figure 84. The results for this CPT
are slightly more conservative in predicting larger displacements for
similar levels of shaking, but overall both the SPT and CPT analyses
show that displacements are negligible for ap,x < 0.12 g and that the
potential displacements become less sensitive to the shaking level for
amax values greater than about 0.25 g at this site. Both the SPT and CPT
results at the beach path entrance show substantially smaller potential
displacements and settlement than at the entrance kiosk, and the SPT
results are more conservative than the CPT in this case. At this site,
the earthquake produced peak ground accelerations of about 0.25—
0.30 g and caused substantially greater ground displacements at the
entrance kiosk than at the beach path entrance, as shown in Figure 111.
The calculated indices of displacement potential (LDI and S,_1p)
provide a reasonable estimate of both the observed magnitudes of
displacements and the differences in displacements observed at these
two locations, which are near each other.

Computed LDI Values from SPT Borings and CPT Soundings
across a Site

The Moss Landing Marine Laboratory, which experienced
liquefaction-induced lateral spreading displacements of 1-2 m during
the 1989 Loma Prieta earthquake, provides an illustrative example of
the use of computed LDI values. The laboratory was on a spit be-
tween Monterey Bay and the Old Salinas River slough, as shown in
Figure 112. Subsurface conditions across the southern side of the
building, with penetration resistances from SPT borings and CPT
soundings, are shown in Figure 113. The building foundation expe-
rienced 1.0—1.3 m of extension perpendicular to the spit, and lateral
displacements along the Old Salinas River shoreline side of the build-
ing were 0.6—1.4 m. The measured displacements and the computed
LDI values for individual SPT borings and CPT soundings across the
site are shown as vectors in Figure 112 (the direction of a computed
LDI vector is presumed to be toward the closest shoreline). Computed
LDI values ranged from very small (0.04 m) near the northwest corner
of the building to very large (4.3 m) near the midpoint of the southern
side of the building, with about two-thirds of the LDI values being
0.6-2.2 m.

Interpreting these computed LDI values requires consideration
of'the spatial distribution of the liquefied zones, as schematically illus-
trated in Figures 93 and 98. The analytical results for the various SPT
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Figure 111. Liquefaction-induced ground deformations caused by the
1989 Loma Prieta earthquake at two locations along the Moss Landing
State Beach access road: (a) entrance kiosk and (b) beach path entrance.
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